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KARL TERZAGHI

Karl Terzaghi, born October 2, 1883 in Prague and
died October 25, 1963 in Winchester, Massachusetts, is
- generally recognized as the Father of Soil Mechanics.
His early professional life was spent in a search for a
rational approach to earthwork engineering problems.
His eorts were rewarded with the publication in 1923
of his famous book on goil mechanics: this publication
is now credited as being the birth of soil mechanics
Between 1925 and 1929, Terzaghi was at M.LT.
initiating the first LS. program in soil mechanics and
causing soil mechanics to be widely recognized as an
impertant discipline in civil englneering. In 1938 he
joined the faculty at Harvard University where he
developed and paye his course in engincering geology.
Terzaghl's amazing career is well documented in the
book From Theory to Practice in Soil Mechanics (Wiley,
1960). All of Terzsghi's publications through 1960
(256) are listed in this book. Terzaghi won many honors,
including the Nerman Medal of the American Society
of Civil Enginzers in 1930, 1043, 1946, and 193§
Terzaghi was given nine honorary doctorate degrees
coming fram universities in eight different countries.
He served for many years as President of the Inter-
pational Sotiety of Soil Mechanies and Foundation
Engineering
Not only did Terzaghi start soil mechanics but he
exerted a profound influence on it until his death.
Two days before he died he was diligently warking on a
professional paper. Terzaghi's writings confain signi-
fisant contributions on many topies, especiplly con-
solidation theory, foundation design and construetion,
coffeedam analysis, and landslide mechanisms. Probably
Terzaghi's mast important centribution to the profession
was his approach lo engineering prablems, which he
taught and demonstrated.
To commemorate Terzaghi's great work, the A merican
Saciety of Civil Engineers created the Terzaghi Lecture
and the Terzaghi Award.
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PREFACE

Soil Mechanics is designed as a text for an introductory course in soil mechanies. An inlenstve
effort was made to identify the truly fundamental and relevant principles of soil mechanics and to
present them clearly and thoroughly. Many numencal examples and problems are included to illus-
trate these key principles. This text has been nsed suceessfully both in an introductory undergraduate
course and in an introductory graduate course, Although Sail Mechanics has been written principally
for the student, practicing engineers should find it valuable as a relerence document.

The book is divided into five parts. Part | describes the nature of soil problems encountered in civil
engineering and gives an overall preview of the behavior of soil. Part IT describes the nature af soil,
especially the transmission of stresses beiween soil particles, Parl [I1 is devoted primarily to dry soil
since many aspeets of soil behavior can best be undersiood by considering the internction of soil
particles without the presence of water. Part 1V builds upon the pringiples given in Parts 1L and I1I to
treat soils in whicl the pore water is cither stationary or flowing under steady conditions, Part V
oonsiders the most complex situation in soil mechanies, that wherein pore pressures are influenced by
applicd loads and hence the pore water is flowing under trunsient conditions. This erganization of the
book permits the subject matter Lo be presented in sequential fashion, progressively building up o the
mare complex principles. ‘ X

Parts I11, IV, and V all have the same genaral format, First there are several chapters that set forth
(lie basic principles of soil behnvior. Then follow several chapters in which these principles are i pplied
to the practical analysis and design of earth retaining structures, earth slopes, and shallow loundations.
For example, chaplers concerning shallow foundations appear in Part 111, Parl 1V, and Part V,
Special chapters on desp foundations and soil improvemenl appear al the end of Part V. These
problem-oriented chapters illustrate the blending of theory, laboratory testing, and empirical evidence
from past experience to provide pricticsl but sound methods for analysis and design. Seil Mechanics
. does not attempt 1o cover all the details of these practical problems; numerous reflerences are provided
to guide the student in additional study.

Soil Mechanics deliberutely includes far more material than can or should be covered in a single
introductory course, thus making it possible for the instructar to choose the topics to be used to
illustrate the basic principles. We have found that numerical exa mples of practical problems should be
introduced very early-in an introductary course in soil mechanics—preferably within the first eight
periods. Thus we organize the early portion of oiir courses us follows:

1. Part | is covered in two lectures, giving students mativation for the study of soil mechanics and an
understanding of the organization of the course.

2, Chapter 3 is coversd in detail, but Chapters 4 to 7 are surveyed only hastily. As guestions anse
later in the course, reference is made to the material in these chapters.

3. Chapter § describes several basic methods for ealeuluting and displaying the siresses; students
must master these techniques. Chapters 9 to 12 contain certain key concepts concerning sail behavior
plus deseriptive matter and tables and charts of typical values. These chapters mity be cavered rapidly,
stressing only the key concepts. Then the student is ready for an intensive study of retnining structures
(Chapter 13) and shallow foundations (Chapter 14). Three or four periods may profitably be speat on
each chapter. Chapter | 5 serves to introduce the increasingly impartant probletm of soil dynamics, and
serves as supplementary reading for an introductory course.

4. In Chapter 16 the definition and manipulation of effective stress (s emphasized and the me-
chanistic interpretation of effective stress serves as supplementary reading. The depth of study of
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Vil PREFACE

Chapters 17 to 19 will vary with the treatment given this topic in other courses such as fluid mechanies.
Chapters 20 to 22 are largely descriptive and may be studied quickly with emphasis on the main
features of soil behavior. This again leaves time lor a detailed study of topics fram Chapters 23 ta 35
The choice of topics will depend on the interests of the instructor and the material to be covered in
later courses. We attempt to cover only portions of twa of the three chapters.

5. Chapiers 26 and 27 cantain key concepts and computational procedures and detailed eoverage
is needed for comprehension. Similarly, detailed coverage of Chapier 28 is required to give under-
standing of the key connectiol between drained and undrained behavior. Chapters 29 and 30 are
largely deseriptive and ean be covered quickly leaving time for detailed study of selected topics from the
remaining chaplers.

The maierial not covered in an introductory course will serve lo introduce students o more ad-
vanced courses and can be used as reference matenial for those courses,

As the reader will see, our book presents photographs of and biographical data on siz piobeers in
soil mechanics. These men have made significant cantributions ta soil mechanics knowledge and have
had a mujor impact on soil mechanics studenis: There is a second generation of leaders whose warks
are having and wlll have an impact on soil mechanics. The extensive references in, our book Lo the
works of these people atlest to this fact

We thank the many authors and publishers fer permission to reproduce tables and figures, The
Council of the Institution of Civil Engineers granted permission te reproduce material from Géa-
TeciniguE.

The early stages af the pr:pmatwn of this tex! was suppurt..d in part by a gramt made 1o the Massa-
chusetts Institute of Technalagy by the Ford Foundation for the purpase af aiding in the improvemant
of engineering education. This support is gratefully acknowledged. We thank Professor Charles L.
Miller, Head of the Department of Civil Engineering, lor his encouragement in the undertaking of
this baok. We also acknawledge the contributions of aur many colicapnes at M.1L.T. and the jmiportant
role of our students whe subjected several drafts to such careful serutiny and criticism. Special
recognilion & due Prolessors Charles €. Ladd and Leslie G Bromwell whie effered comments on
most of the text. Professor Bromwell contributed revisions to Fart 1] and 1o Chapter 34. Professor
Tohn T. Christian helped considerably with theorefical portions of the text, as did Dr. Robert T,
Martin on Part 1] and Dr. David D'Appolonia on Chapters 15 and 32, Professor James K. Mitchell
ol the University of California (Berkeley) contributed valuable comments regarding Part 11, as did
Professor Robert L. Schiffman of the University of llinois (Chicago) regarding Chapter 27. Finally,
we thank Miss Evelyn Percz and especially Mrs. Alien K. Viano for their indefatigable and meticulous
typing of our many dralts.

T, William Lambe
Robert V. Whitntan
MIT
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DONALD WOOD TAYLOR 1

Donald Wood Taylor ‘was born in Waoreester, Massachusetts in 1900 and died in
Ariington, Massachusetls an December 24, 1955, After graduating [rom Worcester
Polylechnie Instituie an 1922, Professar Tuylor worked nine years with the United
ftates Const and Geadotic Survey and with the New England ['ower Association. In
1532 he joined the siall of the Civil Engiieering Department at M LT, wliere he re-
mained unti] his death,

Professor Tavlar was active in both the Boston Seciety of Civil Engineers and the
American Society of Civil Enginesrs. Just prior to his death he had been nominated
for the Presidency of the Boston Seciety, From 1948 to 1953 he was International
Secretary for the International Society of Soil Mechauics and Foundation Engineering,

Pro.essor Taylor, @ quiet and unassuming man, was hiphly respested among his
peers for his very careful and accurale research work. He made major contributions
to the fundamentals of soil mechanics, especially on the topics ol consolidation, shear
strength of cohesive soils, and the stability of enrth slopes. His paper “Stahility of
Earth Slopes” was awarded the Desmond Fitzperald Medal, the hiphest award of the
Boston Scciely of Civil Enginecrs. HIs textbook, Fundamentals of Soil Mechanics,
s been widely used for many years.




PART I

Introduction

Part | attempts 10 motivate the beginning student and
alert him to the few really fundamental concepis (n soil
mechanics. Chapter 1 gives a general picture ol civil
engineering problems that can be successfully attacked

by using the principles of soil mechanies Chapter 2
deseribes, in terms familiar o the buddmg engineer, the
essential principles that sre covered in detail In the wiiin
portion of the book.




CHAPTER 1

Soil Problems in Civil Engineering

In his practice the eivil engineer has many diverss and
important encounters with soil. He usss soil zs a founda-
tion to suppert structures and embankments; he uses
sail as = construction material; he mustdesipn siructures
to retain soils from excavations and underground open-
ings; and he encounters soil in a number of spreial
problems, This chapter deals with the naturs and scope
of thess engineering problems, and with some el the terms
the enginger uses to describe and solve thess problems:
Severz! actual jobs are deseribed in order to illustrate the
types of questions that a soil enginecr must answer.

1.1 FOUNDATIONS

Mearly every civil enginecring strusture—building,
bridge, highway, tunnel, wall, tower, camal, or dam—
must be founded in or on the surface of the carth. To
pecform satisfactorily each struetule must have & proper
foundation,

When firm soil is near the ground surface, a feasible
means of transferring the concentrated loads from the
walls or columns of a building to the soil is through
spread footings, as illustrated in Fig. 1.1. Anarrangément
of spread footings is called a spread foundation. In the
past, timher or metal grillages, cobble pads, ete., were
used to form spread footings; but today footings almast
{nvariubly are of reinforced concrete.

Bullding

‘Spread fooling

Fig. 1.1 Building with spread fountaiian.

When firm soil Is not pear the ground surlace, a com-
maon means of transferring the weight of a structure to
the ground is through vertical members such as piles
(Fig: 1.2); caissons, or piers. These terms do not have
sharp definitions that distinguish one lrom. another,
Generally, caissons and piers are larger in diameter than
pilesand are installed by 2n excavation technique, where-
as piles are installed by driving  The weight of the build-
mg is-carried through the soft soil to firm material below
with essentially no part of the building load bemng applicd
to the soft soil.

Building
rr‘PIie cap
I i 1 s B
IT| lr T| L] = [ |2
Soft-sull
i A N Al WAL A AN RN fmv a
Rock

Fig, L2 Hullding with pile foundarion,

There is much more to successful foundation englnesr-
ing than merzly sslecting sizes of footings or choosing the
right number and sizes of piles. In many cases, the cost
of supporting a building can be significantly reduced by
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4 PART 1 INTRODUCTION

applying certain treatments lo the soil.  Further, some
structures, such as steel storepe tanks, can be supported
directly on a specially prepared pad of sail without the
benefit of intervening structural members. Thus the
ward foundarion relers to the soil under the stfucture as
well as any intervening load carrying member, ie.,
Joundation sefers to the material whase behavier the civil
engincer has analyzed in order to provide satisfactory and
ecanomical support for the structure. Indeed, the word
foundution is used lo describe the matérial that supports
any type of enginecring structure such as building, dam,
highway embankment, ar airfield runway. In modern
usage, the term shaliow foundation is used to describe an
arrangement where structural loads are carried by the
soil directly under the structure. and deep foundation is
used [or the case where piles, caissons, or piers are used
to carry the loads to firm soil at same dapt

In the design of any (oundation system, the central
problecm is to plevent settlements large enough to damage
the structure or impiic its functons, Just how tnuch
settlement is permissible depends on the size, wype, and
use of structure, type of Toundatinn, sourcs in the subsil
af the setilement, and location of the structure. In most
cases, Lhe critical settlement is not the rotal setriameni but
rather the differentiaf settfement, which is the relative
movement of two parts of the structure,

In most melropolitan areas of the United States and
Westerin Europe, owners of buildings vsually are un-
willing to accept settlements greater than a lew inches,
since unattractive cracks are likely to ocour if the settle-
ments nre larger. For example. experience has shown
that settlements in excess of approximately §in. will

cause the brick and masonry wells of buildings on the
M.LT. campus Lo crack.

However, where soil conditions are very bad, owners
sometimes  willingly Llolerate larpe seitlements with
resulling cracking in order 1o avoid very significant
additional costs ol deep foundations over shallow ones.
For example, along the waterfront in Santos, Brazil
15-story apartmant buildings are founded directly upon
solt soul, Settlements aslargeas | 1 are common. Cracks
it these buildings are apparent, but most of them have
remained in continuous use

Perhaps the classic case of bad foundation condilions
exists in Mexico City. Here, for sxample, one building,
the Palace of Fine Arts, shown in Fig. 1.3, is in continuous
use even thouzh it has sunk 12 {t into the surrounding
seil. Where a visitor nsed 1o walk up steps to the first
floor, he must now walk down steps to this floor because
of the large setthement.

With strueturés other than buildings, Jarge settiements
often are tolerated. Settlements as luvge a5 several Teet
are:quite commen in the case of flexibie structures such
as storage tanks and earth embankments. On the other
hiand, foundation movemsnts as small g5 0,01 in, may be
intolerable in the case of foundations for precision
tracking rodars and nuclear accelerators,
Example of Shallow Foundation

Figure 1.4 shows the M_LT. Student Center, which has
a shallow [oundation consisling of & slab under the eatire
building. Such a slah s called rmar. The subseils at the
site consist of the following strata starting from ground
surfage and working downward: a 15-ft layer of soft fill

Fig. 1.3 Palacio de Jas Bellas Artes, Mexico City. The 2-m
differentlal settlement between the street and the building on
the right necessitated the stzps which were added as the seltlement|

occuered. The general subsidence of this pait of the city is Tm

(photopraph compliments of Raul Marsal).




WEIGHT OF EXCAVATED SOIL

s = e
29,000 i‘.’&’%

Fig. 1.4 Building on shallow mat foundation.

Weight of building == 32,000 tons
Weight of furniturs,

peaple, etc. (lime

average) = 5,000 tons

37,000 tons
Weight of excavaied soil = 23,000 tons
Net load to clay =" R.000 tons

and organicsilt; a20-ftlayer of sand and gravel; 75-ft of
soft clay; and, finally, firm soil and rack. The weight of
the empty building (called the dead load) is 32,000 tons.
The weight of furniture, people, books, elc, (called five
ived) is 5000 tons. Had this building with its total load
of 37,000 tons been placed on the ground surface, i
seitlement of approximately 1 ft would have octurred
dus 1o the compression of the soft underlying soil. A
settlement of such large magnitude would damage the
structure. The solution of this feundation problem was
{o place the building in an excavation. The weight of
excavated sofl was 29,000 tons, so that the net building
load applied to the underlying soil was only 8000 tons.
For this arrangement the estimated settiement of the
puilding is 2-3 in, a value which can be tolerated.

This technigue of reducing the net load by removing soil
is valled jlotation. When the bullding is partly compen-
sated by relief of load through excavation the technigue
is called pardal flotarion; when entirely compensated, 1t
is called full flotation. Tull flotation of a strvcture in
soil is based on the same principle as the fiomation of a
boat. The boat displaces a weight of water equal to the
weight of the boat so thut the stress al a given depth in
the water below the boat is the same, independent of the
presence of the boat. Since the building in Fig. 1.4 has
an average unit weight equal to about one-hall’ thut of
walter, and the uiit weight of the excavated soil is about
twice that of water, the building should be placed with
about ane-feurth of its total height under the ground
surface in order to gel [ull flotation.

On this particular project, the soil enginger was called
upon 1o study the relative economy of this special shallow
foundation versus a deep foundation of piles or caissons.

Ch. 1 Sail Problems in Civil Engincering S

After having concluded that the shallow foundation
was desirable, he had to answer questions such as the
following.

1. Just how deep into the soil should the building be
plaged?

2. Would the axeavation have to be enclosed by a wall
during construction to prevent cave-ins of soil?

3. Would it be necessary to lower the water table in
order to excavate and construst the foundation and,
if s6, what means shounld be used ro accomplish this
lawering of the ground water (dewarering)?

4. Was thereadanger of damage to adjacent buildings?
(In later chaptees it will be demonstrated that
lowering the water table under a bullding can cause
serious settlements. The question of just how and
for what duration the water table is lowerzd can
thus be very important.)

5. How mueh would the completed building settle and
would it settle vniformly ?

6. For what stresses and what stress distobution
shiould the mat of the building be designed ?

Example of Pile Foundulion

Figure 1.5 shows the M.1.T. Muteriuls Cenrer, which
has n deep pile foundation. The subsoils at the sile of
the Materials Bullding are similar to those at the Studen?
Center with the important exception that there is Tittle
or no sand and gravel at the Materials Center siie. The
total Joad of e Materials Building is 28,000 tons made
up of & dead Ipad of 16,000 tons and a live lead &f 12,000
tons. The dead load of the Materials Center is Jess than
that of the Student Center primarily because the Materials
Building is made of lighter materials than the Student

Fig. 1.5 Bullding on deep pile foundation,

Weight of building = 15,650 tons
ngh; af equipment,
books, people, etc. = 12,200 tans

Masimum total w:ight == 28,000 tons
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Center, and the live load is greater heeanse of the much
heavier equipment going inio the Materials Building.
The thres major reasons that the Materials Building was
placed on plles 1o firm soil rather than floated on a mal
were:

1. Theintended use of the Materials Building was such
that floor space below ground surlace, Le., base-
ment space, was not desirable.

2 There was littlz or ne sand and grave! 2L the site on
which 1o place the mat.

3. There were many undsrground utilities, espeeially
a large steam tunnel crossing the site, which would
have made the construction of a deep basement
difficult and expensive.

The foundation selected consisted of 537 piles, cach
will a capacity of 70 tons. The piles wers eonstrueted
by boring a haole about three-quariers of the way from
ground surface to the firm soils placing a hollow stzel
shie|| of 12§ in. diameter in the bored hole and driving it
to the firm sail, and then filling the hollow shell with
conctele, (e hollow shell was cavered with a steel piate
al the tip to prevent soil fram entering ) Such a pile is
called a poini-hearing pile (it receives ity support at the
point, which rests in the firm soil, as oppesed toa frician
pile, which receives its support along o large part of Its
length from the soif through which It goes) and & cast-in-
place concrete pile (as opposed toa pile which is precast
and then driven). Soil was removed by augering or
three-quarters of the length of the pile in order (o reducs
the net volume increase below ground surface due to the
introduction of the piles. Had preaugering not been
employed, the surface of the pround al the building site
would have risen almost 1 [t beeause of the valume af the
537 plles. The rise of the ground surface would hive
been phjectionable because it would hayve raised piles
thal hod already been driven, and it would have been
dangerous beeause of possiblé disturbance of tie neurby
dome shown in the background in Fig. 1.3

Among the questions faced by the soil engineer in the
design and construction of the pile foundation were:

. What type of pile should be used?

. ‘What was the mazimum allowable load lor 4 pile?
. Avwhat spucing should the piles be driven?

. How should the piles be driven

. How much variation from the verticil should be
permitied ita pile?

What was the optimum sequence for driving piles?
7. Would the driving of piles have an Influente on
adjacent structures?

L

2

Txample of Embankment on Soft Sail

Figure 1.6 shows a 35-1 embankment of earth placed
on 2 32-ft |ayer of seft soil. The original plan was 10

ll'__-___"_'_ﬁ—'iﬁﬂh
| |
!

\ Earih
amhanhmant

|
|
]
|
|

Sult spil

Fig. 1.6 Embankmen! on soft soil,

place a tank, shown by dashed lines in Figure 1.6, 501t
in diameter and 36 ft high, at the site. Had the tank been
placed on the soft foundation soil with no special founda-
tion, o settlement in excess of 5.01 would have occurred,
Even though a steel storage tank is a flexible structure, a
settlement of § 1t is tpo large to be lolerated,

Soll engimesring studies showed that a very economical
solition to the tank foundation problem consisted of
building an earth embankment at the site (o compress the
solt soil, removing the embankment, and finally placing
the tank on the prepared {oundation soil. Such a tech-
nique is 1ermed preloading.

Since the preload was to be removed just prior to the
construction of the tank, and the tank pad hrought to the
correct elevation, the magnitude which™ the preload
settled was of no particular importance. The only con-
cern was that the fill not be so high that a shear rupture
of the soil would ecour. M the placed fll caused shear
siresses in the foundation which exceeded the shear
strengih, & rupture of the fonndation could ocour, ‘Sueh
a rupture would be accompanied by large movements of
garlll with probably serious disturbance to the soft
foundation soil and possible damage 1o nearby lanks.
Among the questions that had to be answered on this
project were the following ones.

How high a fill could be placed ?

. How fus) could the fll be placed ?

. What were the maximum slopes for the fill 7

. Could the fill be placed withoul employing special
techniques to contain or drain the soft foundation
soil?
How much would the fill settle? )

6. How long should the ill be Jeft in place in order

that the foundation be compressed cnough to per-

mil construction snd use ol the tank?

B bt —
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Example of Foundation Heave

The foundation engineer faces not only problems
involving settlement but also prablems involving the
upward movement (heave) of structures. Heave prob-
lems avise when the loundation soil is one that expands
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Fig. 1.7 Building on expansive soill

when the canfining pressure is reduced and/or the walet
content of the sail is increased. Certain soils, fermed
expansive soils, display heaving characieristics to a reln-
tively high degree.

Heave problems are partictlarly eommon and eco-
nomically important in those parts of the world with arid
regions, e.g., Egypt, Israel, South Africa, Spain, South-
weslern United States, and Venezuela, In such areas the
soils dry and shrink during the arid weather and tlien
expand whed moisture becomes available. Water can
become avallable [vom rainfall, or drainege, or from
capillarity when an impervious surface is placed on the
surface of the soil, thereby preventing evaporalion,
Obviously, the lighter & structure, the more the expanding
soil will raise it. Thus heave problems are commanly
associated with light structures such pg small buildings
(especially dwellings), dam spillways, and road pave-
ments,

Fisure 1.7 shows & light structurz built in Coro,
Venezvela. In tha Coro area the soil is very expansive,
containing the mineral meonpmorifionite. A number of
buildings in Core have been damaged by heave. For
example, the finor slab and entry slab of a logal hotel,
resting on the ground surface, have heaved extensively,
thus eracking badly and becoming very irregular. The
building in Fig. 1.7 employs & scheme that avoids heave
troubles but clearly is much tiore expensive than a simple
shallow mar. First, hioles were angered inta the soil, siee)
shells were placed, and thén conerete base plugs and piles
were poured. Under the building and around 1he piles
was left en air gap, which served both to reduce the
amount of heave of the soil (by permitting evaporation)
and to allow room for such heave withaut disturbing the
building.

The main question for the soil enginesr was in selecting
the size, capacity, length, and spacing of the piles. The

piles were made long enough 1o extend below the depth
of soil that would expand if piven access to moisture,
The depth selected was such that the confining pressure
from the soil overburden pius minimum load was
sufficicnt to prevent expansion.

1.2 SOIL AS A CONSTRUCTION MATERIAL

Soil is the mast plentilul construction material in the
warld and 1 many regions it is.essentially the only locally
available construction material. From the days of
neolithic -man, earth has been used for the construetion
of monuments, twinbs, dwellings, wansportation facil-
Itjes, and watec retention structures.  This section
describes three structures built of earth.

When the civil sngineer uses soil as a construction
material, he must select the proper type of sall and the
miethod of placement, and then contrel the actual place-
ment. Man-placed soil is called fiff, and the process of
plaging it ie termed filling. One of the most commaon
problems of carth construction is the wide variahility of
the source soil, termed harrow.  An essential part ol the
enginecr's task is to see that the properties of the placed
material correspond to those assumed in the design, or
to change the design during construction to allow for any
difference between the properties of the canstructed fill
and those emploved in the dedign,

Example of an Earth Dam

Figure 1.4 is a vertical cross section of an earth dam
built to retain a reservorr @l water. The two main zones
of the dam are the clay core and the reck roe: 1he core
with its impermeable clay keeps leakage low; and the
heavy, lighly permeable rock toe adds considerable
stability to the dam. DBetween these zanes i5 pluced a
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Fig. |.5§ Earth dam.

gravel filter to prevent washing of goil particles from the
care inta the vaids of the roek toe. Betweon the care and
the reservoir isa rogk facing placed on a gravel bed. The
rock frcing prevents erosion of the éore by rain or waler
in the reservoir. The pravel bed prevents large rocks an
the face [rom smkinganto the clay, This type of dam is
called a zomed eartlr dant to differentinte it fram a fama-
gepeous carth dam ln which the same type of material is
used throughout the cross sectiom

The populurity of earth dams compared to cancrele
dams s inereasing steadily {or two major reasons. First,
the earth dam can withstand foundation and abutment
maovements betier than ean the more rigid enncrete
structure. Second, the cost of earth construciion per
unit volume has remained approximately constant for
the last 50 years (the increased cost of labor has been
offset by the improvements in earth-handling equipment),
whereas the cost of conerete per unit volume has steadily
intreased. One would thus expect carth dams (o become
incrensingly popular,

The relative sizes of the zones in an earth dam and the
types of material in each zone depand very much on
the earth materials available at the site of the dam. At
the site of the dam shownin Fig |8, excavation lor the
reservoir vielded clay and rock in about the praportions
used in the dam. Thus none of the excavated materiz)
waswasied. The only scarce material was the gravel used
for the lilter and the bed. This material was ohtained
from stream beds some distance from the site and trans-
ported to the dam by frucks:

Dam construction was carried out for the full length
and the Mull width of the dam at the same time; [e; an
attempt was made to keep the surface of the dam approx-
imately horizontal at any stnpe of construction. The toe,
consisting of rock varying in size from 6 in. to 3 0L, was
end-cmped from trueks and washed as dumped wilh
waler under high pressure. The clay and gravel were
placed in horizontal lifts of 6 in. to | ftin thickness, then
brought to a selected moisture econtent, and finally
compacted by tolling compaction equipment over the
surface.

The following questions were faced by the civil engineer
during the design and construction of the earth dam.

l. What should be the dimensions of the dam 1o give
thie most ceonomical, sale structure?

2. What is the minimum safe thickness for the gravel
layers?

3. How thick 4 leyer of gravel and rock Tacing is
necessary lo keep any swelling of the clay core to
& 1olerable amount?

4. What moisture content and compaction technigque
should be employed 1o place the gravel and clay
matsrials]

5. What are the strenpth and psrmeability character-
istics ol the constructed dam?

6. How would the strength and permeability of the
dam vary with time and depth of water in the
teservoir? '

7. How much leakage would occur under and through

the dam?

« What, il any, special restrictions on the operation

of the reservoir are necessary 7 '

o

Example of a Reclamation Structure

There are many parts ef the world where good bullding
sites are no longer available. This is particularly true of
harbor and termmal facilities, which obviously need to
be on the waterfront. To overcome this shoriage, there
is an increasingly large number of reclamation projects
wherein lirge sites are built by filling. The soil for such
projects is usually obtained by dredging it from the
bottom of the adjacent river, lake, or ocean and placing
1L at the location desired. This process is hydraudic filling.

Figures 1.9 and 1,10 show 2 successful reclamation
project built in Lake Maracaibo, Venezuela. The island
was constructed by dnving a wall of conerete piles
enclosing an area 850 m lang by 600 m wide. Soil was
then dredged from the bottom of Lake Maracaiba and
pumped into the sheet pile enclosure until the level of the
hydrauliefill reached thedesiredelevation, Threefactors—
the lack of available land onshore; the deep water
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Fig. 1.9 Marine terminal bullt of hydraulic fill,

needed for lgrge ships 1o come near the rerminal, and the
need to dredge a channe] in the lake—combined to make
the construction of thus man-made island an excellent
solution to the need of terminal facilitics at this location

On the island, storape tanks for various petrolenm
products were constructed. The products are brought by
pipelines from shore to the tanks on the island and then
pumpec from the tanks to tankers docked at the iwo
piars shown in Fig. 1.9

Muny exploratory borings were made in the area to be
dredged in ~rder to permit the soil engineer to esumate
the type of fill that would be pumped onto the island.
This fill consisted primarily of clay in the form of hard
chunks varying in size from 1 {o 6 in. plusa thin slurry
of water with silt and clay particles in suspension. Upon
coming out of the dredge pipe on the island, the large
particles setiled first, and sthe finer particles werg trans-
poried a considerable distance [rom the pipg exit, Al one
corer of the island was.a spillway to permit the excess
water from the dredging operation to re-enter the
lake.

« Following are some questions faced by the civil

engineer on this termingl project,

1.-How deep should the sheet pile wall peoetrate the
foundation soil?

2. How should these piles be braced laterally?

3, What is the most desirable pattern of fll place-
ment—i.¢, how should the exit of the dredge pipe
be located in order to get the firmer part of the fill
at the locations where the maximum [oundation
loads would be placed?

4. What design strength and compressibility of the
hydraulie fill should be used for selecting founda-
tions for the tanks, buildings, and pumping facilitis
to e placed on the {sland”?

5. Where did the soil fines in the dirty effluent which
went out of the island over the spillway ultimately
settle?

Example of Highway Pavement

Onz of the mast comman and widespread uses of soil
as a construction material is in the pavements of roads
and nirfields. Pavements are either flexibie or ngid. The
primary function of a4 flexible pavement is to spread the

Fig. 1,10 La Salina Marine Terminal (complimenis af the
Creole Petroleum Corporation)
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Fig. .11 Highway pavement,

concentrated wheel loads over n sufficient]y large srea of
the foundation soil 1o prevent overstressing it. The rigid
pavement constructed of reinforesd coneretn possesses
sufficient fiexural strength 1o bridge soft spets in the
foundation. Which pavement s better for a given prob-
lem depends o the nature of the foundation, availability
of canstruction materials, and the use to be made of the
pavement.

Figurs 111 shows a  hiphway flexible pavement
designed for 100 passes per laue per day of a vehicle
having a maximun wheel load of 15,000 Ib. The selected
payement consisted of an improved subgrade made by
compacting the lop 6 in. of the w situ soil; 2 kase coulse
consisting of a 6-in. layer of soil from the site, mized
with 7% by seil weight of poertland cement, brought Lo
proper melsture contend, mixed and then compacted;
and a wearing surface censisting of a 2-in -thick layer of
het-mixed sand-asphall.

Commgily, the base course of a pavement consists of
gravel or crushed stone. In the desert, where the pave-
ment shiown in Fig. 1.11 was built, there was a shortage
ol gravel bul an abundance of desert sand Undet these
circumstances, it was mare economical to improve (he
properties of the local sand (soil srabilization) than to
haul pravel or crushed stone over large distances. The
most economical soil stabilizer and the method of pre-
paring the stabilized base were chosen on the basis of a
pragram ol laboralory tests involving various possible
stabilizers and construction techniquos

Among the guestions faced by the enpinesr on thie
design and consteuction af this road were the follawing
ONES.

I. How thick should the various compenents ol Lhe
payement be to carry the expected loads?
2. What 1s the optimum mixture of additives for
stabilizing the desert sand?
. Is the desert sand agoeptable for the construction
of Llie wearing surface?
4. What grade and walght of available asphalt make
the most economical, satisfactory wearing surface?
5, What type and how much compaction should be
used 7

tal

1.3 SLOPFES AND EXCAVATIONS

When a sail surfuce is not horizontdl theie is 4 com-
ponent of gravity lending te move the soil downward, as

illustiated by the force diagram in Fig. 1.12a. Ifalnng:'-a
potentizl slip surface in the soil the shear stress [rom
gravity or any other source {such as moving water,
weight of an overlying structure, or an earthquake)
exceeds the strength of the soil along the surfece, a shear
rupture and movement can' occur. There are many
circumstances in natural slepes, compacted embank-
ments, and excavations where the civil enginesr must
investigate the stability of a slope by comparing the
shear stress with the shear strength along a potential slip
surface—ie., he must make a stability analysis.

Figure |.12a shows & natural slope on which a building
has been constructed. The increased shear stress from
the building and the possible decrease of soil shear

strength from water wasted fram the building can cause

a failure of the slope, which may have been stable for
siany years before construction. Such slides are commaon
in the Los Angeles area.

The earth dam shown in Fig. 1.8 has a compacted
carth slops which had 1o be investigated Tor stability.
During the design of this dam, the civil engineer ¢om-
pared the shear stress with the shear strength for a num-
ber of potential slip surfaces running through the clay
core.

Figures 1,128 and c illustrate excavations for & building
and a pipe. The building excavation is a braced excava-
rion and that for the pipe is an unbraced excavalion! A
designing engineer-must be sure that the shear strength of
the slope is not oxceaded, for this would result in a cave-in,

Fa
/

Pumnhal slip suriace

el

Fig. 112 Slopes and excavations. (&) Matural glope. (0)
Excavation {or building. {c) Excavation for pipe. (d] Canal.
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Fig. 1.13  Landslide in a8 quick clay (compliments of Launts Hierrum).

Figure 1.12d shows a sketch of a canal. Canals usually
are buill by excavating througl natural materials, but
sometimes they are built by compacting f1l. The slopes
of the canal must be safe both against o shear failure, ag
described previously, and against the effects of moving
water. If protection against moving water 1s not furnished
the canal banks may erode, requiring continuaus remaoval
of eroded earth from the canal and possibly trigeering a
general shear faure of the canal sides.

Figure 1.12 shows a dramalic landsiide of a natural
slope of quick clay. Cuick clay is a very sensilive clay
depositsd 1 manne water and later [eached by ground
water, The removal of the salt in the soil pares resulls
in & soil that loses much of its strength when disturbed.
The soil in the landslide zone in Fig. 1.13 had been
ieached for theusands of years until it became too weak
1o support The natural slope: Some excavation at the tog
of the slope or added [oad may have trigeered the slide
Landslides of this lype are comman in Scandinavin and
Canada.

Panama Canal

Figure 1.14 shows one of the waorld's mast famous
canals-—the Panama Canul Excavation on the Panama
Canal wasstarted in February 1883 by a French company
that intended te constru.t a sea leyel canal across the
Isthmus of Panama joining the Atlantic and Pacific
ocsans. Excavation proceeded slowly until the end of
1899 when work ceased because of & number of engineer-
ing problems and the unhealthy working conditions.

In 1903, the United States signed a treaty with Colom-
bia granting the United States rights for the construction,
operation, and control of the Panama Canal. This treaty
was later reected by the Colombian Governmenl.
Followmng a revoll and secession of Panamy [rom
Colambia, the Unied States signed a treaty with Panama
in 1903 for control of the Canal Zone in perpetuity.

Engineers studying the canal project developed two
schemes: (&) a canal with locks estimated to cost
$147,000,000 and requiring 8 vears to build; and (B) a
sea level canal costing $250,000,000 and requiring 12-15
vears to build, Congress chose the high level lock canal,
and construction was started in 1907 and finished in 1914,
The setual construction cost was 380,000,000

The canal 15 51.2 miles lrom deep waler 1o deep \vater
and required a toral excavation of 413,900,000 cubic
vards of which 168,300,000 cubic vards came [tom the
Giaillard eut shown in Fig. 1.14. The minimum width of
the canal was originally 300 fi (through the Gaillard cur)
and it was later widened to approximately 50011, The
minimum depth of the canal 15 37 it (in Balboa Harbor
at low tide),

Many shear slides oceurred during construction,
especially in the Cucaracha formation, a notoriously sofl
shale. (The slides contributed to the high construction
cosl.) The cinal was apened to traffie in August 1914;
however, landshides closed the canal on several occasions
for periods of a few days to 7 months. The last closure
was in 1931, although canstrictions have occurred on
several ocoasions since then. Removal of sell from slides
and srosion now requires cantinuous maintenance by
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Fig. .14 The Pannma Canal. (#) Cross section through Ezst Culebra Slide.  {A) Cucaracha Siide of August
1913, (e} Ship i Canal i 965

canal drédges: At ene location 1he side slapes are even
today moving into the canal at the rate of 28 It per year,

The long-term strength churactensiics ol soft shales,
such as those lining parts of the Panama Canal, arc #
perplexing problem to the soil engineer. Since the slidzs
along the canal appear o be related 1o cracks in the rocks
and special peologic features, the analvsis of slopes in
these mulerials cannot be done solely yn the basis o
thearetical considerutions and laboratory test results.
The selution of U5 type of problem depends very much
on an understanding ol geoiogy, and (lustrates the
importance peology can have to the suecessful practice
ol clvil enginearing,

1.4 UNDERGROUND AND EARTH
RETAINING STRUCTURES

Any structure built below pround surface has [orees
apphied Lo it by the soil in contact with the structure, The
dl.:s;gn and construction of underground (sublerranean)
aind earth retaining struchires constitute &n important
phase of civil enginecring. The precading pages have
already presented examples of such structures; they
include the pipe shells that were driven lor the foundation
shown in Fig, 1.2, the basement walls of the buildings
shown in Figs. L aud 1.5, the conerate sheet pile wall

encireling the island shown in Fig. 1.9, and the bracing
for the excavation shown in Fig. 1.120. Other common
examples of underground structures include tunnels for
railways or vehicles, underground buildings like power-
houses, drainage structures, earth retaining struclures,
and pipelines :

The determination of forees exerted on an underground
struclure by the surrpunding soil cannot be earrectly
made either from a consideration of the structure alone
or from # consideration of the surrounding soil alone,
since the behavior of ene depends on the behavior of the
nther. The civil engineer thereflore must be knowledge-
able it goil-sirdcture interaction to design properly
struclures subjected to soil loadings.

Example of Earth Retaining Structure

A commeon type of earth retalning structure is the
mnchared bulkheaid, as illusirated in Fig, 1.15. Unlike a
gravity reraining wall, which lias 2 large base i1 contact
with the foundation soil and enough mass for friction
berween the soil and the wall base to prevent excessive
lateral movement of the wall, the anchored bulkhead
recaives its lateral support from penetration into the
foundation soil and from an anchoring system near the
tap of the wall.

[he bulkhead shows in Fig. 1.15 was built as part of a




ship-loading dock. Ships are bronght alongside the bulk-
head and are loaded with carge stored on the land side
of the wall. The loading is done by a cranc moving on
rails pargllel to the bulkhead,

Te determine the proper cross section and length of
thesbulkhead wall, the enginzer must compuie the siresses
exerted by the soil against the wall (fareral soil siresces).
The distribution of these siresses along the wall depends
very much on the lateral movements that oceur in the
scil adjacent to the wall, and these strains in turn depend
on the rigidity of the wall—a problem in soil-strucrure
interactinn,

The selection of the length and section of the bulkhead
and the design of the anchoring system was only part of
the problem. Consideration had 1o be given o the
stability of the entire system zgainst a shear rupture in
which the slip surface passed through the backfll and
through the soil below the tip of the bulkhead. This type
of avarzll stability ean be a much more serious problemy
with anchored bulkheads than is the actual design of the
bulkhead itsalf.

The following questions had to be answered in planning
the, design of the anchored bulkhead,

1. What type of wall (materis] and cross section)
should be used?

2. How decp must the wall penctrate the foundation
soil in arder to prevent the wall from kicking aut 1o
the left ar its base?

Crane

{Pimmnl
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Fig. 115  Anchored bulkhead,
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. At what height on the wall should the anchor tie be
localed?

4. How far from the wall should the anchor tie extend ?

5. What type of anchoring system should be employed
a1 the onshorz end of the anchor tie? (One way to
anchor the wall is to use a large-mass of concrere,
i.e., deailman. Another way is (o use o system of
piles including some doiven at a slope with the
vertical; such a sloping pile is termed a batrer pile.)

6. What was the distribution of stresses acting on the

wall?

What type ol drainage systeni should be installed 1o

prevent a large differential water pressure {rom

developing on the inside of the wall?

8. How close to the wall should the loaded crane
{130,000 15 when [ully louded) be permitted ]

9. What restrictions, if any, ar¢ necessary on the

storage of cargo on the ares back of the wall?

Al

)

Example of Buried Pipeline

Frequently n pipa must be huried under a high embank-
ment, railway, or roadway. The rapid growth of the
pipeline industry and the construction of superhighways
have greatly increased the frequency of buried pipe
installations. Buriad pipes are usvally thin-wall meral or
plastic pipes, ealled flexible pipes, or thick-wall rein-
loreed concrete pipes; called rigid pipes,

There have been very few recorded cases of buried
pipes being crushed by externally applied loads. Most
of the failures that have oeeurred have been associated
with: (&) laully construction; (h) construction loads in
excess of designdoads: and (c] pipesag due to foundation
settlement or failure. Facsd with the impressive perform-
ance record of the many thousands of buried pipes, we
are forced 1o conclude that the design @nd construction
procedures commonly used result in safe installations.
There is little published information, however, indicating
just how sale these installations are and whether or net
they are far overdesigned, thus resulting in a great wasie
of maney.

Figure 1,16 shows an installation of two steel pipes,
exch 30in. in diameter with a wall thickness of 3 in.,
burted under an embankment 80 [t high at its center ling,
Use of the commonly employed analytical method
vielded a value for the maximum pipe deflection of 7§ in.
Current practice suggests a value of 3% of the pipe
diameter, 11 for the 30-in. diameter pipe, as the
maximum allowable safe deflection,

At this stage in the jab, Inhoratory sail tests ind figld
experimentation with installations were carried out. Use
of the soil data obtained from these tests resulted i a
computed pipe deflection of (022 in., a safe value. The
maximum value of pipe deflection actoally measured in
the installation was only Q.17 in. These stated deflections
indicale the ment of 3 controlled mstallation (wnd also
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Fig. .16 Burigd pipes, ‘

the inaccuracy of commanly employed techniques to
estimate the deflection of buried pipes).

The method of pipe imstaliation employed is indicated
in Fig. 110 and consisted of the following: carrying the
fill elevation above the elevaton of the tops of the pipes;
cutling a trench for the pipes; shaping by hand a cradle
for each pipe conforming 1o the curvature of the pipe;
backfilling under carelully controlled conditions to get a
rigid backhll on the sides of the pipés and a soft spot on
top of each pipe.

The rigid side fills were 1o give sirong lateral support
to the pipes and thus reduce their lateral expansion. The
soft spots were to encourage the fill directly over the
pipes Lo tend Lo settle more Lhan the rest of Lthe Rll, thus
throwing some of the vertical load to the soil autside the
zone of the pipes; this phenomenan is called arching.

Since the verlical load on the two pipes is related 1o
the height of the fll, ane would expset the settlemant of
the pipes to be the maximum at the midpoint of the
embankment. Such was the case with [7em ol settle-
ment ocourring at the center of the embankmant and
ahout | em at the two toes of the embankment. The
flexible steel pipes, more than [00m in length, could
easily withstand the 16 om sap

The civil engineer on this project had to select the
thickness of the pipe wall, and work out and supervise
the installation of the pipes.

1.5 SPECIAL SOIL ENGINEERING PROBLEMS

The preceding sections have discussed and illustrated
some common civil engineering problems that involve
soil meshanies. There are, in addition, many other types
ol soil problems that are less common but still imporiant

Some of these are noted in this section in order to give a
more complete picture ol the range ol problems in which
soil mechanies is useful,

Vibrations

Certain granular soils can be readily densified by
vibrations. Buildings resting on such soils may undergo
significant seitlement due to the wibration of their egquip-
ment, such as lnrge compressors and turbines. The effects
of & vibration can be particularly severe when the fre-
guency of thevibranoncomeideswith the natural frequency
of the soil foundation. Upan deciding that vibrations can
cause dejeterious sett/ement in a particular structure, the
enginzer has the choice of several means of preventing it.
He ean increase themass of the foundation, thus changing
its [requency, or densily or inject the soil, therzby altering
its natural frequency andfar compressibility.

Explosions and Earthquakes

Civil engincers have long been concerned with the
effects on buildings ol sarth waves caused by quarry
blasting and other blasting for conslruction purposes,
The pround through which such waves pass has been
found to mnfluence gredtly the vibrations that reach
nearby buildings.

This probiem has received an entirely new dimension
as the result of the advent of nuclear explosives, The
milltary lias become increasingly interested in the design
of underzround facilities that can survive a very nearby
nuclear explosion. The Atomic Energy Commission has
established the Plowshare program te consider the peace-
ful uses of nuclear explosions, such as the excavation of
canals or highway cuts, The possibility of excavating a
sea level Panama Canal by such means: has received




Fig, .17 0Ol storage reservoir (compliments of the Craole
Perroleam Corporation).
!

speeial attention and ruisss ¢ whole new set of questions,
such #s the stability of slopes Tormed by a cratering
PTDCtSS.

Similar problems arise ps the result of sarthquakes.
The type of soil on which a building restsand the type of
foundation used for the bullding influgnce the damage ro
@ building by an earthquake. The possible effects of
carthquakes on large dams have recently received much’
atiention, The 1984 zarthquaks in Alaska caused one of
the largest earth slides ever recorded
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The Storage of Industrial Fluids in Earth Reservoirs

Section 1.2 describes an earth steucture for the reten-
tion of water. Because earth is such a common and cheap
construction material, it has considerable wtility for the
construction of reservoirs and containers to store indus-
trial ‘fluids. One of the most successlul applications of
this technique is the earth reservoir for the storage of
fuel oil shown in Fig. 117, This structure, with a
capacity of 11,000,000 barrels, was built at one-ltenth the
cost of conventional stecl tankage and resulted in 2
saving of approximately $20,000,000. Because of the
interfacial tension between water and certain industrial
fluids, compacted, fine-prained, wet soil can be used to
store such fuids with no leakage. .

Another example aof this special application is the usc
of reservoirs for the storage of refrigerated liquefied gas.
Earth reservoirs have been built for the retention of
hiquehed propane at —44°F and for ligquefied natural gas
at —260°F. Introducing & liquid at sueh low tempera-
tures into a water-wel soil freszes the pore warter in the
soil. If the soil has enough water so that there arg not
continuous air channels in the sail, it will become im-
pervious ta both liguid and pug upan freezing of the pore
waler.

Frast
Because certain soils undér certain conditions expand
on freezing, the enginesr may he faced with frasr heave

prablems. When flesr suseeprible soils are in contact will
moisture and subjected to freezing temperatures, they can

Fig. 118 Frost heave. (a) Soil sample which heaved [rom 3.1 to 12,6 in. on [ieezing. () Soil sample which heaved lrom
Gta 12 in. on freezing. (£) A clase view ol [rozen soil, (Photographs compliments of C. W. Kaplar of UL.S. Army CRREL.)
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Fig. 119 The solution of sail enginesring problems.

imbibe water and undergo a very large expansion. Figure
1.} drumatically illustrates the mapnitude a soil can
heave under ideal conditions. Such licave exerts forces
large enough to move and crack adjacent siructures, and
cal cause seriuus problems on thawing beeause of the
excess moisture.  The thawing of frozen soil usually
proceeds ltom the top downward. The melt water cannot
drain into the frozen subsoil, (hus becomes trapped,
greatly weakening the soil. The movement of icehouses
and ice-skaling rinks is an interesting examplz of this
phenamenen, but nowhere nearly as important and
widespread as the damage to highway pavements in
those areas of thie world that have freezing temperatures.
Frost heaves and potholes, which develop when the frost
thaws, are sources of great inconvenience and cost to
many northern ULS. areas, sugh ss New England, -

The civil engincer designing highway and airfleld pave-
ments in frost areas must either select a combination of
base soil and drainage that precludes frost heave, or
design his pavement Lo withstand the weak soil that ocours
in the spring when the frost melts.

Regional Subsidence

Large-scale pumping of oil and water from the ground
can” cause major selllements over a large aren. For
example, a 16 square mile area of Long Beach, Californis,
has settled as the result of oil pumping, with & maximum
setiloment to date of 25 ft. As & result, the Naval Ship-
yard adjacent ta the settled area has had to construct
special sea walls to keep out the ocean, and has had to
reconstruet dry docks. Mexico City has settled as much
as 30 ft since the beginning of the twentieth ceatury as
the result of pumping water for domestic and industrial
use. The first step jn minimizing such régionzal subsidence
is to locate the earth materials thal are compressing as the
flurd 1s removed, and then consider methods of replacing
the Tost {luid.

1.6 THE SOLUTION OF SOIL ENGINEERING
PROBLEMS

Thus far this chapter has described some of the prob-
lems the avil enginzer encounters with construction on
soil, in soil, and of sail. The successful solution of each
problem nearly always involves a combination of seil
mechanics and one or more of the components noted in
Fig. 1.15.

Geclogy aids the soil engincer because the metholl of
forming a mass influences its size, shape, and behavior.
Exploration helps establish the boundaries of a deposit
and enables the engineer to select samples for laboratory
testing,

Experience, i the term is used here, does nol 1ean
merely doing but the doing coupled with an epaluaron of
resulrs of the act. Thus, when'the civil engineer makes a
design or solves d soil problem and then evaluates the
outeome on the basis of measured field performance, he
is paining experience. Too much emphasis is usually
placed on the doing component of experience and too
little emphasis on the eveluaiion of the outcome of the
act. The competent soil engineer must conlifive to
improve his reservoir of experience by comparing the
predicted behavior of a structure with its meusured
performance.

Econemics is an inportant ingredient in the selection
of the best solution from among the possible ones,
Although & detailed economic evaluation of & particular
earth structure depends on the unit costs at the site of a
planned project, esrtain economic zdvantages of one
scheme over another may be ohvious fram the charac-
teristics of the schemes.

This book is limited to one component of the solution
of soil engincering problems—soil mecharics: the science
uiderlying the solulion of the problem. The reader must
remember that science alone cannot solve these problems.




Nearly all soil problems are statically indeterminate to
a high degree. Even more important is the faet that
natural soil deposils possess five complicating charac-
teristics:

1. Soil does not possess a lingar or unique stress-strain
relationship. -

2. Suil behavior depends on pressure, lime, and envir-
onment,

3. The soil at cssentially every location s different.

4. Tn nearly all cases the mass of soil involved is under-
ground and cannot be seen in its entirety but must
be evaluated on the basis of small samples vblained
from isolated locations,

3. Most soils are very sensitive to disturbance from
sampling, and thus the behavior measured by u lub-

, oratory test may be unlike that of the in siu soil.

These factors combine Lo make nearly every soil prablem
unique and, for all practical purposes, impossible of an
exact sojution.

Soil mechanics can provide a solution to a mathemati-
cal model. Because of the nature and the vanability of
soil and becauss of unknown boundary conditions, the
mathematica| model may not represent closely the actual
problem. As construction proceeds and more infarma-
_tion becomes available, sojl properties and boundary
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conditions must often be re-evaluated and the problem
solution madified aceardingly.

The interpretation of insufficient and conflieting data,
the selection of soil parameters, the modification of a
solution, etc., require expetience and a high dJegree of
intultion—li.c., engineering fudgmens. While a sound
knowledge of soil mechanics is essential for the successful
soil engineer, engineering fudgment is usually the charac-
teristic that distinguishes the outsianding soil engineer.

PROBLEMS

1.1 List three events of national andjor infernational
importance that invalve soil mechanics (e.g., the exiensive
damage from the 1964 Alaskan earthquake).

L2 Mote the type of foindstinn employed in a building
construcied recently in your ares; List obvious reasons why
this type of foundation was selected.

1.3 On the bosis of vour personal experience, describe
Briefly an engineering project that was significantly Influenced
by the nature of the seil encountered at the site of the project.

L4 Mote several subsoil and huilding characteristics that
woultd make a pile foundation preferable toa spread founda-
L.

1.5 List difficulties you would expect to result from the
large settlement af the Palacio de lss Bellas Artes shown in
Fig. 1.3,

1.6 MNote desirable and undesirable features of building
flotation




CHAPTER 2

A Preview of Soil Behavior

This chnpter presenis o preliminary and infuitive
glimpsz of the behavior of homogeneous sel. This pre-
vizw is intended Lo give the reader a peneral picture of the
way in which the behavior of soil differs fram the behavior
of other materals which ne hus alieedy studied in solid
und fiiid mechanies, and also to indicate the basis for the
organization of this book. To present clearly the broad
picture: of sal behavier, this chupler leaves to later
chapters a considerntion of exceplions 1o, and detalls of,
this picture.

2.1 THE PARTICULATE NATURE OF S0OIL

Il we examine a handful of beach sand the naked eye
notices Lhat the sand is composed of diserete particles.
The same can be sad of all swls. although many sail
particles are so amall that the most refined microscopic
techniques are nesded to discern the particies. The dis-
crete particles that make up sail are not strongly bonded
together in the way that the erystals of & metal are, and
henve the soil particles pre relatively lree to move with
respect Lo one another. The soil particles are solid and
cannot move relative 1o eath other as casily as the cle-
ments in a fluid. Thus seil is ivherently a gariiculoe
system.’ It is this basic fact that distinguishes soil
mechanics from solid mechanics and fluid mechanics.
Indeed, the science that treats the stress-strain beliavior
of soil may well be thaught of 45 particwfote mechames.

The next sections examine 1he consequences ol ihe
particulute nuture of sail.

2.2 NATURE OF SOIL DEFORMATION

Figure 2.1 shows a cross seetion through a box flled
with dry soil, together with & psten through which a
vertical load ‘ean be applied to the soil. By enlarging a
portion of this cross section to see the individual partieles,

* The word “particulale™ means “of or perisining 1o a sysiem of
paiticles."
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we are able to envision the manner in which the apphed
foroe is transmitted through the soil: cantict forces
develop between adjacent particles. For convenience,
these contact farces have heen resalved into componcnts
normal N and 1angential T to the contaet surfices,

The individual particles, of course, deform as the resull
of these contact forces. The most usual type of deforma-
ton isan elasticor plaste strain in the [mmediate vicinity
af the contact points. Particle crushing can be imporiant
in eertnin situstions {as later chapters discuss). These
delormations lead toan enlargement of the contact area
between the particles, as shown in Fig, 2.2¢, 2nd thus
permit the centers of the particles to.come gloser Together.
IT platelike particles are present, these particles will bend,

(a)

Fig. 2.1 Schematic representation of force transmission
through soil.  {a) Cross section through box filled with soil.
(b) Enlargement through portion of cross section showing
forees al Iwo of the cortact points.




asin Fig, 2.2b, thus allowing relative movements betwesn
the adjacent particles. In addition, once the shear force
at a eontact becomes larger than the shear resistance at
the contact, there will be relative sliding betwesn the
particles (Fig. 2.2¢). The averzll strain of 2 soil mass will
be partly the result of deformation of individual pacticles
and partly the result of reldtive sliding between particles.
However, experience has shown that interparticle sliding,
with the resultant rearrangement of the particles, generally
makes by far the most important contribulion to overall
sirain. The mineral skeleton of soll wsually Is quite
deformable, due to intsrparticle sliding and rearrange-
ment, even though the individual particles are very rigid.

Thus we see the first consequence of the particulate
nature of soil: the deformation of a mass of soil is con-
troffed by interactions between indlvidual parcicles, espe-
efally by sliding between particles. Because sliding is o
nonlinear and jrreversible deformation, we must expect
that the stress-strain behavior of seil will be strongly
nonlinear and irreversible ® Moreover, a study of phe-
nomena at the contact points will be fundamental to the
study of soils, and we shall inevitably be concerned with
concapts such as friction and adhesion between particles.

There are, of course, & fantastically large niimber af
individual contagt points within & soil mass.  For
example, there will be on the order of 53 million contacts
within just | em® of a fing sand. Hence it is impossible
to build up & stress-strain law for soil by considering the
behavior at each contact in turn even il we could describe
exactly what happens at each contact, Rather it is
necessary to rely upon the direct experimental measurs-
ment of the properties of a system involving a large
number af particles. Nonetheless, study of the behavior
at typical contact points still plays an important role; it
szryes as & gulde lo the understanding and interpretation
of the direct experimental measurements. This situation
may be likened 1o the study of matals: knowledge of the
behavior of wsingle crystal, and the interactions between
orystals, puides understanding the behavior of the overall
metal and how the properties of the metal may be
improved,

If the box in Fig. 2.1 has rigid side walls, the soil will
normally decrease in volume as the load is increased.
This volume deerease comes about because individual
particles nestle closer and closer together. There are
shear failures (sliding) &t the many individual contact
points, but there is no overdll shear failure of the soil
mass. The vertical load can be increased without limit.
Such a process is valumerric compressicn. 17 the applied
load is removed, the soil mass will mcrease o velume
through a reverss process again involving rearrangement
of the particles. This process of volume inerease is called
exXpansion, or in some contexts, siefl.

* This statemnent means that a plot of stress-strain is not a straight
line and i5 not unique for load-unload eygles.
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Fig. 22 Causes of relative motions amang sail particles,
{u) Motion of particles due te deformation of contacts. Solid
lines show surfaces of particles after loading (the lower particle
was assumed not to move) ] dashed lines show surfaces before
loading. (b) Relative motion of particles due to bending ol
platelike particles. (¢} Refative motion of puriicles due 1o
interparticle shding.

1T, on the ather hand, the box has flexible side walls,
an overall shear failure can take place, The vertical load
it which this failure occurs is related to the shear strength
of the soil. This shear strenpth is determined by the
resistance 1o sliding between particles that are trying to
move laterally past each other.

The properties of compressibility, expansibility, and

shear strength will be studied in detail in later chapters.

23 ROLE OF PORE PHASE: CHEMICAL
INTERACTION

The spaces umorg the soil particles wre called pore
spaces. Thiese pore spaces are usually filled with aix
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{a) )

Fig. 2.3 Fluid films surrounding very smzll soil particles.
() Defore load. (5] Marticles squeezed close together by load.

andjor waler (with or without dissolved materials). Thus
soil 15 nherently a mulliphase system conssting of a
mineral phase, called the nuneral skeleran, plus a fluid
phase, called the pore fiuid.

The nature of the pore fluid will influence the magnitude
of the shear resistance existing between Lwa partitles by
introeducing chemical matier to the surface of contact.
Indeed, in the case of very timy seil particles. the pore
fluid ‘may compleizly intrude between the particles (see
Fig. 2.3). Although these particles are no longer in
contact in the wsual sense. they stll remam in close
praximity and can transmil normal and possibly also
tangentil forces. The spacing of these particles will
incrense or decrease us the fransmiticd compressive
forces decrense or increise. Hence i new saurce of over-
all strain in the soil mass s inlroduced.

Thus we hive a second consequence of the particulate
nature of soil: seil is inherendly multiphase, and the con-
stituenis of the pore phase will ny’r’ueure the naiure of the
muneral surfaces and hence affect the processes of force
transiiission at the particle contacts. This interaction
between the phases is called chemical interaction.

2.4 ROLE OF TORE I'INASE: PHYSICAL
INTERACTION

Lel us now retum (o our box ol soil, but now consider
asoil whase pore spaces arc complelely filled with waler—
a saturated sail.

First we assume that the wiler pressure is hydrostatic;
i.e., the pressure in the pore water at any point equals the
unit weight of water times the depth of the point below
the water surfice. For such n condition tiere will be no
flow of waier (see Fig. 2.4a),

Next we suppose thul the water pressure at the base of
the box is increased while the overllows hold the level of
the water surlace constant (Fig. 245}, Now there must
be an upward flow of water. The amount of water that
lows wall be szlated to the amount of excess pressure
added to the botlom and to a soil property called
péﬂllenbi‘.‘.l'l’j', The more pernseable o soil, the more water
will Row Tor 4 given excess of pressure. Later parts of
this book consider the factors that determine the perme-
abality of o soil.

If the excess water pressure at the base is increased, a
pressure will be reached where the sand is made to boil
by the upward flowing water (Fig. 2.4¢). We say that a
quick candition is created, Obviously, there has been a
phsical interaction between the mineral skeleton and the
pore fuid,

At this stage, the soil will pccupy a somewhat preater
volume than initially, and clearly the soil has less shear
strength inthe quick condition than in the normal condl-
tion. These changes have occurred even though the total
weights of sand and water pressing down have remained
unchanged. Bul we have seen that changes in volume and
shear strenpth come about thraugh changes in the forces
at contacts between particles. Hence these contact forces
mugt have been aliered by the changes in  pressuie i the
pore phase; that is, thE contuct forces must be related

Fig. 2.4 [hysical intersction between mineral and pore
phases. (a) Hydiostutic condition: no {flow. (&) Small Qow
ol waler. {c) Quick conditlon.
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Fig. 2.5 Hydromechanical analogy for load-sharing and consolidation.

(@) Physical example.

(h) Hydromechanical analog; initial candition () Load applied with valve closed. (d) Piston moves
as water escapes. (&) Eguilibrium with no further flow, (/) Gradual transfer of load

to the difference between the stress pressing downward
(the raral siress) and the pore pressure. These observa-
tions [orm the basis for the very important concept of
effective siress.

We have now scen the third consequence of the par-
ticulate nature of soil: warer can flow through soil and
thus interact with the mineral skeleron, altering the magni-
rtude of the forces ai the.contaets between particles and
influencing the compression and shear resistance of the soil.

2.5 ROLE OF PORE PHASE: SHARING
THE LOAD

Finally, becnuse soil is a multiphase system, il may be
expected that a load applied to a soil mass would be
carsied in part by the mineral skeletort and in part by

the pore fluid. This “sharing of the load™ is andlogous
to partial pressurcs in gases.

The sketches in Fig. 2.5 help us o understand |pad
sharing. Figure 2,54 shows a cylinder of suturared soil.
The porous piston permits load to be applied to the soil
and yet permits escape of the finid from the pores of the
soil. Part (b shows a hydromechanical analog In which
the properties of the soil have been “lumped™: the
resistance of the nuneral skeleton to compression is
represented by a spring; the resistance 1o the flow of
water through the soil is represented by a valve in an
otherwise impermeable piston,

Now suppose a load is applicd to the pistan of the
hydromechanieal analog but that the valve is kept closed.
The pistan load isepportioned by the water and the spring
in relation to the stiffness of each. The piston in our
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Fig. 2.6 Settlement of Building 10 a1 M.LT,

hvdromechanical analogy will move very hittle wheh the
load is applied because the water is relatively incompres-
sible. Smce the spring only shortens siightly it will carry
very little of the load. Essentially all of the applicd load
is resisled by an inorease in the Huid pressure within the
chamber. The conditions at this stage are represented in
Fig, 2.5¢.

Next we open the valve, The fluid pressure within the
chamber will foree water through this valve {Fig. 2.5d).
As water escapes the spring shortens and hegins to carry
a significant fraction of the applied load. There must be
a corresponding decrease in the pressure within the
chamber fluid. Eventually a condiuan Iy redched (Fig.
2.5e) in which all of the applied load is carried by the
spring and the pressure in the water has returned to the
original hydrostatic conditinn. Onea this stage is reached
there is no lurther flow of water,

Only a limited amount of water can flow out through
the valve during any interval of time. Hence the process
of transferring load [rom the water (o the spring must
take place gradually. This gradual change in the way
thit the load is shared is illustrated in Fig. 2,57

Sharing the load between the minerd! and pore phases
also occurs in the physieal example and in actual soil
problems, wlthough the pore Nuid will not always carry
all of the applicd load initially. We shall return o this
subject in detail in Chapter 26. Maoreover, in actual
problems there will be the same process of a grﬂdu:l
change in the way that the load is shured, This process of
gradual squeaang out of water 15 called consalidation, and
the time interval involved is the hydrodpnamic time lag
The amount of compression that has occurred ap any
time is related not only to the applied load but also to the
amount ol stress transmitled &t the particls contacis, i.e.,
to the difference between the applied stress and the pore
pressure. This difference is called effective stress. Con-
solidation and the reverse provess of swelling (which
oceurs when waler is sucked into a soil following load
removal) are treated in several chapters.

Here then is the fourth consequence of the particulate
nature af soil: when the load applied to a soil is suddenly
changed, this change (s carried jointly by the pore fluid and
by the mineral skeleion, The change fn pore pressure will
caute water to mone thraugh ihe soil, hence the properties
of the soil will change with 1ime.

This |ast consequence was discovered by Karl Terzaghi
around 1920. This discovery marked the beginning of
modern soil engineering. It was the first of many ton-
tributions by Terzaghi, who 1s truly the "lather of soil
mechanies.™

The most important st'!‘au of the hydrodynamic time
Ing i5 to cause delayed seltjerment of structures. That s,
the seitlement continues for many yearsafter the structure
has been completed. Figure 2,6 shows the time-settle-
ment record of two points on Building 10 on the campus
al the Massachusetts Lostitute of Technology. The
settlement of this building during the first decade afier
s completion was the cause of considerable alarm.
Terzaghl examined the building when he first camie (o the
United States in 1925, and he correctly predicted that the
riate of seltlement would decrease with time.

A further look at comsolidation. AL this stage it is
egseqtial that the student have a generri dppreciation of
the duration of the hydrodynamiv time [ag in various
typical soil deposits. For this purpose it is useful to Hiake
an intwitive analysis of the consalidation process te learn
which soil properties affzct the time lag and how they
aflect it. (Chapter 27 presents & precise derivation and
sulution for the consolidation process.)

The time required for the consolidation procsss should
be related to twa factors:

. The time should be directly proportional to the
volume of water which must be squeezed wutl of the soil,
This volume of water must in turn be related to the
product of the stress change, the compressibility of the
mineral skeleton, gnd the volume of the soil.

2. The time should be inversely proportional to how




fast the water can flow throngh the soil. From fluid
mechanies we know that velocily of flow is related {o the
product of the permeability and the hydraulic gradient,
and that the gradient is proportional to the fiuid pressure
lost within the soil divided by the distance through which
the pore fluid must flow.

These considerations cen be expressed by the relation

D B mE) @)
(F(AofH)

where

t = the time required to qomplete some percentage
of the consolidation process
Ag = the change in the applied stress
m = the compressibility of the mineral skeleron
#I = the thickness of the sofl mass
{per drainage surface)
k = the permeability of the soil

Hence the time required to reach a specified stage in the
consolidation process is
mH*

gl — ?.-2
r k R

This relation tells us that the consolidation time:
1. Increases with increasing compressibility.
2 Decreases with increasing permeability,

3. Increases rapidly with increasing size of soil mass.
4. Isindependent of the magnitude of thestress change.

The application of this relztion i5 illustrated by Examples
2.1 and 2.2,
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» Example 2.1

Acstratum of sand anda stratum ofclay areeach 10 fi thick.
The compressibility of the sand is } the compressibility of the
clay and the permeabulity of thie sard i 10,000 times that of
the clay. What is the rutio of the consolidation time lor the
clay 1o the comsolidatinn time of the sand ?

Solution.

oy . 110,000 _ 55 5o

b Example 1.2

A stratom of clay 10 fi thick will be 90%; consolidated in

10 years. How much time will be required 1o achieve 50%5

consalidation in & 40-ft-thick stratum of this same clay?
Solution.

40
i for 40 foot stratum = [0 yzars % Ii = 160 years

0

-

Soils with a sipnificant clay content will require leng
times for consolidation—{rom one year to many hun-
dreds of years. Coarse granular soils, on the other hand,
will consolidate very quickly, usually n a mutter of
minutes. As we shall see, this difference in consolidation
time is ene of the man distinctions among different soils.

2.6 ORGANIZATION OF BOOK

This chapter has described the important consequences
of soil being particulate and hence multiphase. As shown
in Table 2.1, these consequences are used as the basis for
organizing this hook.

Part |1 will study individual particies, the way that they
arz put together, and the chemical interaction between

Table 2.1 Soil Is a Different Type of Material because It Ts Particulate, and Hence Multiphase

Discussed Concepts Mezded from
Cansequence Example of Importance in Part Previous Studies
Siress-sirain behavior of Great compressibility of soil 1L, 1 Stress and strain;
mineral skeleton deter- Strength Is [rictional in nature, continuity; limiting
mined by ineructions be- and related to density equilibrium; Mohr
tween discrete particles circle
There are chemical inter- Affects density (and hence 1 Principles of chemicul
actions betwesn pors fluid strength) which soil will attain bonding
and mincral particles under piven stress
Quick clays
There are physical inter- Quicksands v Fluid mechanies:
actiens between pore fluid Slope instahilities affzeted by polential Aow,
and minersl skileton ground water laminar flow
Loads applied to soil masses Consolidation time-lag vV

are “'shared” by mineral
skeleton and pore phase

Delayed failure of slopes
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these particles and the pore phase, Part U1 will study the
processes of volume chanpe and shear strengtl in situa-
tions witere there is no physical imteraction hetween the
phases, ic., in dry soils. Part IV will then analyze
the consequences of the physical interaction be’ween the
phases in the cuses where the llow of waler is governed by
netural ground water conditions. Part V will study the
transient phenomena that occur afler a change in load is
applied to a soil.

PROBLEMS
21 Cite at Jeast thres passages [rom Chapter 1 that reler to

physical interaction between the mineral skeleton and pore
phitse.

2.2 Cite at Jeast one passage [rom Chapter 1 that refers to
the hydrodynamit time-lag or consolidation effeat.

2.3 The time for a clay Jayer to achicve %9 % consolidation
is 10 years. What time would be required to achieve 9992
consolidation il the layer were twice as thick, five times more
permeahle, and three times mois compressibie?

24 List the possible compenents of soil deformailion,

2.5 Which component listed in the answer (o Problem 2.4
would be most important in eazli ol the Tollowing situations;

g, loading a logse arway of steel balls;

b. loading an array of parallel piates;

¢. unipading & dense sample of mica plates and guartz sand.

-
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béen the Rankine Lecturgr of the lnstitution of Civil Engineérs Uhd the Terzagh
Lecturer of the American Soclety of Civil Engincers. He was the firsi recipient of th
Karl Terzaghi Awarid from the ASCE.




PART 11

The Nature of Soil

Part 11, consisting of Chapters 3 to 7, examines the
nature of s0il. Chapter 3 considers an assemblage of soil
particles, This chapter is placed at the start of Part 1
because the student must master the definitions and terms
relating the phases in & soil mass before he proceeds with
his study of soil mechanics. Chapter 4 looks closely at

theindividual particles that make up a soil mass. Chapters
S and 6 consider stress transmission between soil particles
on a microscopic seale and the influence of water on these
stresses. Part 11 closes with o wreatment {Chapter 7) of
the natural soil profile,




CHAPTEKR 3

Description of an Assemblage of Particles

Thischapter considers the deseription of an essemblage
of particles. Tt presenits relationships among the different
phases in the assemblage, and discusses particle size
distribution and degree of plasticity of the assemblage,
The phase relationships are used considerably in soil
mechanics 1o compute stresses, The phase relationships,
particle size characteristics, and Atterberg hmits are
employed to group soils and thus facilitate their study.

3.1 PHASE RELATIONSHIFS

By being a particulate system, an clement of soil is
inherently “multiphase.” Figure 3.1 shows & typical
clement of ol containing three distinct phases. sofid
(mineral particles), gas, and liguid (usually watey]. Figure
3.1a represents the three phaszs as they would typically
exist in an element of natural sail. In Part () the phases
have been separated one from the othiers i order to
facilitare the development of the phase relationships
The phases are dimensionsd with volumes on the left and
weights on the right side of the skeich.

Below the soil elementsin Fig. 3.1 are given expressions
that rejate the various phases, Thereare three important
relationships of volume: porosity, void ratia, and degree
of saruration. Porosify i3 the ratio of void volume Lo ol
volume and vaid ratio is the ratio of void volume 1o solid
volume. Porosity is usually multiplied by 10097 and thus
the values are given in percent. Voud ratio is expressed
in & decimzl valye, such as a void ratio af 0.55, and cun
run to values greater than unity. Both paresity and void
ratio indicate the relative portion of void volume in a
goil sample. This void volume is filled with fiuid, either
gas or liquid, usually water. Although both terms are
employed In soll mechunjes, void ratio is the more useful?

1 D‘I.Il'i'l'lg a typ]gg[ ggmp;cgsiqn ol a_;ui_| element, bath the numerator
and the denominsior of the parosity decrease, wheress only the
numéerator of the void smio decreases. This fact results in void
ratio being more uselul than porasity for studying soil compression.

of the two. Two relutionships between perosity n and
void ratic e are

oS nnd, g ——
I+ e 1—n

The degree of saturation indicates the pereentage of
the void volume which is filled with water. Thus a value
of §=0 mdicates a dry soil, §= 100%; indicales a
saturated soil, and a value hetween 0 and 100% indicates
a partally ~aturated soil.

The most uselul relutionship between phase weishis is
water content, which is the weight of water divided by the
weight of solid in n soil element. The water content of a
soil sample is readily obtained by: weighing the natural
soil; drying it an aven; weighing the dry soil; nnd,
firiilly, comnputing the water content as the difference i
initial and dry weights divided by the dry weight. This
procedure tssumes that gl of the volatiles are water, an
acgeptable assumplion cacept when working with arganic:
soils or soils contmining additives such as asphalt. For
a salurated soil the water ortent and void matio are
uniquely related, us one can see by examining the
expressions for the Lwo terms. Since it is much easier 1o
obtain weights than te obtain volumes, the soil engineer
makes considerable nse of changes in water content ol a
saturated soil to measure volumetnc stran.

The lower part of Fig. 3.1 gives expressions for various
unit weights, i.e., theweight of a given volume. The terel
unit weight y, is, for example, the weight of the entire soil
element divided by the volume of the entre element.*
The dry uni weight, olten called dry densiry; is the weight
of mineral matter divided by the volume of Lhe gnlife
ciement. Unit weights appear in units of weight per
volume such as pounds per ¢ubic foot, grams per cubic
centumetzr, and tans per euhic merer.

2 The symbol 3 s alsn used Tor (aral nnit welght,
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(a)

Fig. 2.1

THE NATURE 0F SOIL
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Specific gravity is the unit wzight divided by the unit
weight of water. Values of specific gravity of solids G
Tor n selected group of mincrals® are piven in Table 3.1,

Table 3.1 Specific Gravities of Minerals

Quartz 2,63
K-TFeldspars 2.54-2.57
‘MNa-Ca-Feldspars 2.62-2.76
Calcite 272
Dolomite 2.85
Muscovite 2.7-3.1
Biotite 2,8-32
Chlorite 2.6-29
Pyrophyllite 284
Serpentine 222
Kanlinite 2618
2.64 4-0.02
- Halloysite (2 H,0) 2.35
1lite 2.849%
2,60-2.86
Maontmorillonite 2740
2.75-2.78
Attapulgite 2.30

* Caleulated from crystal structure,

The expression (w = Se is uselul to check compura-
tions of the various relationships,

The student in soil mechanics must understand the
meanings of the relationships in Fig. 3.1, convince him-
sell once and for all that they are correct, and add these
terms to his active vocabulary. These relutionships are
basic ta most computations in soil mechnnics and thus
are an essential part of soil mechanics. ’

Typieal Values of Phase Relationships for
Granular Soils

Figure 3.2 shows two of the many possible ways that
asystem of equal-sized spheres can be packed. Thedznse
packings represent the densest possible state for such a
system. Looser systems than the simple cubic packing
can be obtained by carefully constructing arches within
the packing, but the simple cubic packing is the loosest of
the stable arrnngements. The void ratio and porasity of

¥ Chapter 4 discusses the common 506l minerls,




¥
Fig. 3.2 Arrangements of uniform spheres. (a) Plan and
elevation view: simple cubje packing. (b) Plan view: dense
packing. Solid ciccles, fiest layer; dashed cireles, second
layer; =, location of sphere centers in third layer: face-
centered cubic array; ¥, location of sphere centers in third
layer: close-packed hexagonal array. (From Deresiewicz,

1958.)

these simpie packings cen be computed from the geom-
etry of the packings, and the resultsare given in Table 3.2,

This table also gives denslties for some typical granular
soils in bath the “dense’ and “loose™ states. A vanety of

tests have been proposed to measiire the maximum and

Table 3.2 Maximum and Minimum Densities for
Granular Soils

= Diry Unit
Voud Ratio Poragity (24)  Welght (paf)
Descriplion fmix - Tmin mex  Mwin Pdmin Vdmex
Usiform spheres 092 D35 476 260 — -
Suandard Quawa
sanid 083 50 44 33 82 110
Clean unifarin
sand 0 .40 S0 9 83 118
Uniform inoygamc
silt’ i | 40 52 25 & 118
Silty sand .50 L3 47 13 &7 127
Fine o coarse
sand 085 (20 49 1i 8 138
Micaceous sand e 40 55 2 76 120
Siily sand and
erave| 085 Q04 46 13 83 Ld6

I, K. Hough, Bosc Baily Enyginegring. Copynight & 1957, The
Rongld Press Company, Mew York.

minimum void ratios (Kolbuszewski, 1948}, The test to
determing the maximum density usually involves some
form of vibration, The test to determine minimum
density ususlly Involves pouring oven-dried soil inte &
containar. Unfortunatsly, the datails of these tests have

Ch. 3 Description of an Assemblage of Particles 3l

dot been entirely standardized, and values of the maxi-
mum density and minimum density for a given grunular
soil depend on the procedure used to determine them,
By using special measures, ome can aobtain densitics
greater than the so-called maximum density. Densities
considerably less than the so-called minimum density can
be obtained, especially with very fine sands and silts, by
slowly sedimenting the sail inta water ot by fluffing the
soil with just a lirtle moisture present.

The smaller the range of particle sizes present (i:e., the:
maore nearly unilorm the soil), the smaller the particles,
and the more angular the partizles, the smaller the
minimum density (ie. the greater the epportunity for
building a lease arrangement of particles). The greater
the range of particle sizes present, the greater the maxi-
mum densily (i.c., the voids among the larger particles
can be filled with smaller particles),

A useful way to characterize the density .of a natoral
granular soil is with refarive densiey D, defined as

D, s~ Tin2 =8

Cinnx — “'|||||I.

x 1007

Y — Variin

= ?ﬂ LY x

x 100%  (31)
il Yaimnux — Vamin
where
€, = void rutle ol soil in densest condition
e = voud ratio of soil n loosest condition
e = in-place void fatio
Yamne = ary unit weight of so1| in densest condition
Pamin = dry unt werght ol soil in loosest condition
e = in-place dry unit weight

Table 3.3 characierizes the density of granular soils on
the basic of relative density.

Table 3.3 Densily Description

Relative Density- (%) Descriptive Term

0-13 Very loose
13-35 Lopse
35-65 Medium
G5-R3 Danse
85-100 Very dense

Values of water content for naturnl granular soils vary
from less than 0.1 2% lor wir-dry sinds to mere than 407%¢
for saturated, logse sand.

Typical Values of Phase Relationships for
Cohesive Soils

The range of values af phase relationships for cohesive
soils is mueh farcer than for granular soils. Saturied
sodium mentmenilonite at low confining pressure G
exist al & void roatio of more than 25, saturated cliys
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Fig 3.3 Particle size disinbution curve (From Lambe, 1951),

compressed under the hugh stresses {e.p,, 10,000 psi) that
exist it great depths in the ground enn have void rutios
less tham (1.2,

Using the expression Gu = Se [Fig. 3.1), we can coni-
puie the water cantents eprresponding to these quoted
values of void rtio:

Sodium montmorillonite
Clay under high pressure

G005
%

10 a sample of oven-dry Mexico City clay siis in he
ldhoratory (emperature = %0°F, relative humidity =
S0%LL 1t will absorly enough mivisture from the atmos-
rhere for|ts water content to riss 1o 25 % armore. Under
similar conditions, monimorillonite can get 1o o water
contznt of 207,

3.2 PARTICLE SIZF CHARACTERISTICS

The particle size distribution of an assembiage of soll
particles is expressed by a plot of percent finer by weight
versus diameter in millimeters, as shown in Fig. 3.3
Using the definition for sand, silt, and clay noled at the
top of this figure* we can estimate the make-up of the soil
samyple as:

Cravel 28
Sand 85%
Silt 12%
Clay 154

* This set of particle size definitions is convenient and widely uscd.
A shiphtly different st is given in Tables 3.3 and 3.6,

The uniformity of a soil can be expressed by the
wnifarmicy coefficient, wihich is the ratio of D, to Dy,
where Dy, is the soil dinmeter at which 60% of the soil
weight is fner and Dy s the corresponding value at 10
finer. A soil having a uniformity coefliciant smaller than
about 2 is considered “uniferm.” The uniformily of the
s0il whose distribution curve is shown in Fig. 3.3 is 10,
This soil would be termed a “well-graded silty sand.”

There are many reasons, both practical zud theorstical,
why the particle size distribution curve of 2 soil 15 only
approximate. As discussed in Chapter 4, the definition
of particle size is diflerent for the conrse particles and
the fine particles.

The accuracy of the distribution curves for fine-grained
soils is more questionable than the accuracy of the curves
for coarse soils. Thechemical and mechanical treatments
given natural soils prier (o the performance of a particle
size analysis—especially for a hydrometer analysis—
usually result in effective particle sizes that are quite
dilTerent from those existing in the natural soil. Even il
an exact parlicle sizz curve were obtained, it would be o
only limited value. Although the behavior ol a cohesion-
less soil can often be related to particle size distribution.
the behavior of & colwsive soil usually depends’ much
more on peological history and structure than an particle
size.

In spite af their serious limitations, particle size curves,
particularly those of sands and silts, da have practical
value. Buth theory and laboratory experiments show




Tahle 3.4 Atterberg Limits of Clay Minerals

Exchange- Liquid Plastic  Plasticity. Sheinkage

able Limit  Limit Index Limit
Mineral ion (%) (%) (5 (%)
Montmorillonite MNa 7o b3 638 9.9
K 660 9E 562 9.3
Ca S10 i Epl oS
My 410 60 150 147
Fe 240 b i 215 03
Fes 140 73 67
Hipe | N 120 53 67 15.4
K 120 4 a0 174
Cu 100 45 55 164
M ax a6 49 14.3
Fo 110 e -1 153
[ kL A6 3 -
Kaelinite Ny 53 32 21 268
K 48 L 20 -
Ca 3% 27 11 24.5
Me 54 3| 23 257
Fe sS4 k] 2 292
Fer 36 a5 n —
Adtapulgite H 70 150 120 16

Dam from Cornell, 1931,
& Afler five eyeles of welting and drying,.

that soil permeability and capillarity are related to same
effective particle diameter.  These relationships are
discussed latc: in the book,

The method of designing inverted filters for dams,
levess, etc., uses the particle size distribution curves of
the solls invalved. This method is based on the relution-
ship of particle size to permeability, along with experi-
mental data on the particle size distribution required to
prevent the migration of 'particles when water flows
through the soil. Also, the most common ¢riferion for
establishing the susceptibility of soils to frost dumage is
based on particle size,

33 ATTERBERG LIMITS

Largely through the work of A, Atterberg and A.
Coesagrande (1948), the Allerberg Lmits and related
indices have become very useful characteristics of assem-
blages of soil particles. The limits are based on the con-
cept that a fine-grained soil can exist in any of four states
depending on its water content. Thus u soil is solid when
dry, and upon the addition of water proceeds through
the semusolid, plastic, and finally liquid states, as shown
in Fig. 3.4, The water contents at the boundaries between
adjacent states are termed shrinkage limit, plastic limit,
and liguid limir. The four indices noted in Fig 3.4 are
computed from these |[mits.

The liquid limit is determined by measuring the waler
content and the aumber of blows required to close a
specific width proove for a specified length in a standard
liquid limit device. The plastic limit is determined by
measuring the water content of the soil when threads of

Ch, 3 Description of an Assemblage of Particles 33

thesoll § in. i diameter begin lo crumible. Theshrinkage
limit is determined as the water content alter just enough
water is added to fill all the voids of a dry pat of soil. The
detailed procedures for detarmining these three limits are
given in Lambe (1951}, Tahle 3.4 gives Atterberg limits
fur some common clay minerals,

Thysieal Significance of the Aflterberg Limils

The concept of a soil existing in various states, depend-
ing on its moisture content, is:a sound one. The greater
the amount of water & soil contains, the less interaction
there will be between adjacant particles and the more the
soil should behave like a liguid.

In a very general way, we may expect that the water
that is attracted to surfaces of the soil particles should
not behave as a liguid. Thus, il we compare two soils
A and B and if soil 4 has a greater tendency to attract
water ta (he particle surfaces, then we should expect that
the water content at which the two soils begin to behave
as a hiquid will be greater for soil A than for soil 4. That
is, soil A should have n larger liquid 1imit than sail B
We might expect that the same reasoning would apply
Lo the plastic Iimit, and henee to the plasticity index.

Hawever, the limits B&twesn the various states have

Fluir sod-water

mitlure Liguid State
] Liguid Lirrdt, by

S

= Plastic State

8

] Plaste Limit, 1wp

gn Samisolid Siale

g Shrinkage Limil, w,
= Solid State
Dry <oil

I-‘jg_ 34 Altcr'bcrg limits and related indices.

Plasllcu'y Indes :
' Io or Pl=w;—w,
Flow Index:

I, = Slope of low curve (flow curve Is plot of
wiler content vs nimber af blows, log
scale)

Toughuiess Index:

Iy

i =r__:
Warter-plasticity Ratia B _We = Wy
Liquidity Irilex LFar Iz]  wy — wy,

Wy = noturdl walér conignt
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bezn sel arbitrarily, and thus it is unlikely that the limits
per se.can be completely interpreted fundamentally. That
is, it 1s unlikely that the magnitude of the liguid limit or
a particular soil can be tied quantifutively to the thick-
ness of the adsorbed water layer.

The difficulty ol interpreting fundamentally the Atter-
berg limits should not deter their use. The student should
think of them as approximale boundaries between the
states in which fine-grained soils can exist, and not worry
too much about attnching significance to the exact value
of the arbitrurily determined limits.

Relationship of Atierberg Limits
to Composition of Seil

Let us make lurther use of the concept that the Atter-
berg limits for a soil ate related 1o the amount of waler
that i attracled o the surfaces of the soil particles.
Because of the great imcrease m surface area per mass
with decreasing particle size (as discussed in Chapter 5),
it may bz expected that the amount of attracted wiler
will be largely influenced by the amount of clay that is
present in Lhe soil. On the basis of this reasoning,
Skempton (1953) defined a quantity he called activity:

plasticity index

Agtivity ol o cliy =
iy e ¥ by weight finer than 2 1

(3.2)

Figure 3.5 shows some results obtained on prepared
mixtures of various percerituges ol prirticles less than and
preater than 2 . In Part (@) several natural soils were
sepiarated Inte fractions greater and Jess than 2 g and then
the two fruclions were recombined as desired. The results

in the right diagram were obuined on clity minerals

mixzd with guartz sand,

0 | ai
L Shedihzven
. pa T:n
Landaon clay
" o4 l085)
80 |-—
E 4
=
i - Weald clay
Zao - (063 —]
7 /Hoﬂﬁn
20— //-.// . {0.42)
il :
Py =
;;",d" ol |
2 |
o b |
o 20 40 =l1] 80 100
Oy fractenr (< 2 ) 15)

fa)

Engineering Use of Atterberg Limits

The Atterberg limits a1 related indices have proved
ta be very uselul for soil identification and classification,
as shown in the next section. The limits are often used
directly in specifications for controlling soil Tor use in fill
and in semiempirical methods of design.

The plasticity index, indicating the magaitude of water
content range ever which the soil remains plastic, and the
liquidity index, Indicating the nearness of a natural goll
to the liquid limit, are particularly uselul characteristics
of soil. One must realize, however, that all of the [imits
and indices with the exception of the shrikage limit are
determined on soils that have been thoroughly worked
into & uniform soil-water mixture, The limits therefare
give no indication of particle fabric or residual bonds
between particles which may hnave been developed in the
natural soil but are destroyed in preparing the specimen
for the determinations of the limits,

34 SOIL CLASSIFICATION

The direct approach ta the solution of a seil engineering
problem consists of first measuring the soil property
needed and then employing this measured value in some
rational expression tn determine the znsiver to the prob-
lem. Esamples of this approach ars:

l. To determine the rate of water flowing through a
simpie of soil, measure the permeability of the soil,
and use this vilue together with 2 flow net and
Darcy's law to determine the flow.

2. To determine the settlement of a building, measure
the compressibility of the soil, and use this value in

500
| [ /
| sodium mantmorilionite .
400 — (F=7.2) 7
Vd
; /
'E a0 y A~
=
g /
3 200¢ 7
g
/|
100 — .
/ e =B
AR e [ L
O[I 20 q0 s} BO 100
Clay fraction (<2 u) (%)
b

Fig. 1.5 Relation between plasticity index and clay fraction. Figures in parentheses are the

“activities™ of the clays. (From Skemplon, 1953.)
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Table 3.6 Soil Components and Fractions

Suoli

Coarse-grained components

Fmntt-grained compoments

Significart Froperties

Baulders and cobbles are:-very stable components, used for Ffilis,
ballast, and to stabilize siopes (riprap), Boeause of size and
welght, their nceurrence in natural deposits tends timprove the
tiability of loundations. Angulaniy of parucles increases
slabifliy. '

Gravel and sand have esgentlally same engineening properties
differing mainly Jo degree. The Mo, 4 sieve is arbitrary division,
and daes not correspond to aipnificant change in properties.
They are easy Lo compacl, Jittle affected by moisture, not subjact
te fros acuon. Gravels are genérally more perviously stable,
reswstant (o erosion and piping than are sands. The well-graded
sands and gravels are generally less pervious and rore stable
thun those which are poarly gr.ad::d (uniform gradation), Ir-
regularity of particles increascs the stabiliny slightly, Finer,
uriiform sund approaches the charnctenstics of silt: ie, de-
creasc in permeability and reduction in stakility with increase in
miaaile,

Silt s imberenily unstable, particularly when moisture |s inereased,
with a tendency fo become quick when saturated. 11is rela-
tively impervious, difficull to compaet, highly suscsptibie to
frost Heave, casily erodibie and subject to piping and bolling.
Bulky graing reduce compressibility; faky- grains, ie., mica,
diatoms, increase compressibility, prodice an “elastic™ silt.

The distinguishing characteristic of ¢lay is conhesion or cohesive
strength, whicl Inéreases with decrease in moisture. The per-
meahility of clay is very low, it is difficult 1o compact wien we
and impossible to drain by ordinary means, when compacied s
resistant to eramon and piping, v ot susseptible (o frost Heave,
is subject to expanaion and shiinkage with changes in moisture,
The propertiesare influenced nol only by the size and shape (fla1,
plute-like particles) but alse by thelr mineral compasition; L.,
the type of claymineral, and chemical environment or base
exchange eapacity. Tn general, the montmorillonite elay mineral
nas greatest, ildeand kaolinite the least, sdvarse efect on the
properties

Sl
Component Symbal Grain Size Range and Description
Boulder Maone Rounded to angulas, bulky, hard, roek
particle, average diameter more than
12in.
| Cabhle Nane | Rounded 10 angular, bulky, hard, rock
particic, average dinmeter smaller
than 12in. but larger than & in.
Gravel G Rounded 10 anguiar bulky, hard, rock
parhicle, passing 3-in. steve {76.2 tm)
retamed on Mo, 4 sieve (4.76 mm?
Coarse 310 i-m,
Fing {-in. (v No. 4
Sani | & Rounded 10 anguinr, bulky, hard, rock
particic. passing Mo 4 sieve (476
mirt)retained on MNo.200 sicve (11074
i)
Coarse Mo 4 10 10 sisves
1
Medium Mo, 10 to 40 sieves
Fine Mo, 40 1o 2K sieves
Silt M Partictes smaller than Mo, 200 sieve
(00T mm) ientified by behavior:
thiat is, slightly or nen-plastic regard-
lems of molsture and exhibis Hille or
no strenglh when alr dried
Clay € Farticle: smaller than Na. 200 sjeve
(0.074 mm) identified by Sehavior,
tuat ie, It ean be made tp exhibit
| plastic properiios: within o certain
range ol moistuge dnd exhibite con-
stderabile srenglh when air drieil
Crganc 3 Organic mater in various sizes and
matieE slages of ducompcsiliuu

Organic matter present even | moderaly amoutits increases the.
compressibility and reduces the stability of the fine-grained com-
poncats. It mey decay causing voids or by chemical alieration
changz he properties of a soil, hence organic solls are not
desirabie for engineering uses,

From YWagner, 1957,

fare. The symbols and fractions were developed for the Unified Classification System, For field identification, 3 in, fe assumed equivalent to
the No 4, and the No. 200 is defined as “about the smallest particle visible 10 the unaided eye.” The sand [ractions are not equal divisions
on a logarithmic plot; the No. 10 was selected because of the significance attached 16 that size by somi investigators, The MNo. 40 was chosen
fiecause the MAllerberg (imits" tests are performed on the: fraction of soil finer than the No, 40,
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38 PART Il THE NATURE OF 50IL

seltlement equalions based on Terzaght's theory ol
cansolidation.

3, To evaluate the stability of a slope, mezsure the
shear strength of the soil and substitute this value
in an expression based on the laws of staties.

To measure fundamental soil properties like permeability,
compressibility, and strength can be difficult, time con-
surming, and expensive. In many soil enginecring prob-
lens, sucl 25 pavement design, there are no rutional
expressions davailable for the analysis for the solution.
For these reasouns, sorting sails into groups showing
similar behavior may be very helpful. Such sorting is8
soil elasrificarion.

Soil classification 15 thus the placing of a soilmnto a
group of solls all of which exhibit similar hehavior. The
correlation of behavior with a group in a soil classifica-
tion system is usuzlly an empincal one developed through
considerable experiénce, Soil classification permits us to
solve many types of simple soil problems and guide the
test program if the difficulty and importance of the prob-
lem dictate further investigation,

Mast soil classifications employ very simple index-type
tests to obtain the charactenstics of the sl nesded to
plageit ina given group. Clearly a soil clussification loses
its value i the index Llests become more complicated than
the test to meestre directly the fundamental property
needed. The most commonly used characlenstics are
particle size and plasticity.

Stnee soil classifications are developed as an attempt
to aid in the solution of problems, classifications for
many types of problems huve grown. Thus, for use in
flow problems, soils are described as having degrees of
permeability such as high, medium, low, very low,
practically impermealiz. The Corps of Engincers has
developed a frost susceptibility classification in which,
on the basis of particle size, we can classify seil in
categories of similar frost behavier. The Bureau of
Public Roads developed a classification for soils in high-
way vonstruction, The Corps of Engineers and FAA
each developed a classification for airfield construction,
In 1952 the Bureau of Reclamation and the Corps of
Enginesrs developed a "unified system™ intended for use
in all engineering problems involving seils. This elassi-
fication is presented in Tables 3.5 and 3.6, Table 3.7 gives
a general indication of the permeability, strength, and
compressibility of the various soil groups along with an
indication of the relative desirability of each group for
use in earth dams, canal secions, foundations, and run-
ways.

Soil elassification has proved to be o valuzhle tool to
the 50il enginezr. 1t helps the engineer by piving him
general guidance through making available in an empir-
ical minner the results of field experience. The seil
engineer must be caufious, however, in his use of soil

classification. Solving How, compression, and stability
prablems merely on the basis of seil classification can
iead to disastrous results. As this book will show. in
subsequent chapters, empirical correlations between
index properties and fundamental seil behaviar have
many large deviations,

3.5 SUMMARY OF MAIN POINTS

1. There dre a number of terms {given in Fig. 3.1) used
1o express the phase relationships in an element of
soil. These terms are an essential ecomponent of soil
mmechanics.

. The looseness of a sand is.expressed by its relative
density, which s & most reliable indicatar of the
hehavior of the sand.

3. The particle size distnbution and the Atterberg
limits are useful index tests for classifying soils.
Since the conduct of these tests inherently involves
disturbance of the seil, they may not pive & good
Indiesition of the belinvior of the fr sitw, undisturbed
5o,

[ o+

PROBLEMS

3.1 Foursoilsamples,each having a void ratio of 0,76 and
& specific gravity of 2,74, have degrees of saturauon of 83,
90, 95, and 100%. Determine the unil weight for each ol the
four samples.

32 A cubic foot of soil in its patural staie welghs 113 Ib;
after being dried it weighs 96 1b, The specific gravily of the
snil is 2.70. Determine the degree of saturation, void ratio,
porosity, and water content for the soil as it existed in its
natural state.

33 A confainér of saturated soil weiphed 113.27 g before
it was placed in an ovenand 100,06 g after it remained in the
oven overnight, The conlainer alone weighs 4931 g; the
specific gravity of the soil is 2,80, Determine the void ratio,
porosity, and water content of the original soil sample.

34 A saturated soil has aumt weight of 120 pel and a

‘waler contentof 32.5%. Deternune the void ratio and specific

gravity of the soll, )

3.5 A sample of dry sand having @ udit weight of 105 pel
and a specific gravity of 2.70 is pleced in the rain, During
the rain the volume of the sample remains constant but the
degree of saturation ncreases to 409, Determine the unit
welght and water content of the soil after being m the rain,

36 Determine the submerged.unit weight of each of the
[ollowing chunks of saturdted soilt

a. A silty sand, total unit weight = 131 pef;

b. A lean clay, total unit welght = 122 pel;

¢ A very plastic elay, total unitweight = 106 pef. Assume
reasonable values [or any additional data which you need.

3.7 For = soil with a specific gravity of 2.70 prepare a
char! in which total unit weight (units of pmjem®, range of
1.0-2:5) is plotted as ardinate and void ratio (range of 0.2-1.8)
is plotted as ahscissa. Plot for the three percentages of satura-
tion of 0, 50, and (00 %,
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3.8 Prove Gw = Se

3.9 A sample of parallel kaolinite particles (all have e
size shown 0 Fig. 5.6) issaiurated. The water content is 3074,
What is the average parlicle spacing?

310 A sieve anglysis on a soll ylelds the following results:

Sieve 3in, Zim, Vine dim #4 #ID

Percentage | 4o 95 84 74 62 55
passing

Sieve #0 F40 #60 Fl00 #2200

Bereemage 1 a4 32 24 6 9

passing

a. Plot the partick size distribution of 1his seil on Fig.
P3.10 and classily the soil on the basis of the scale shown in
the figure.

b. Comment on ihe swiability of this soil as drainage
miaterial behind o conerele retaining wall,

Hints. (&) Use Tables 3,5-3.7 to predict whether or not
s0il will be pervious, easy to work as consiruetion material,
@le. (61 A conunon guide lor frost susceplibility is percentage
finer than .02 mm must be less than 3% for matenal 10 be
nonfrost susceplible.

31l Prave that the identity given by Eg. 3.1 is vorrect.




CHAPTER 4

Description of an Individual Soil Particle

A sample of soil cansisls of an assemblage of many
individunl soil particles with air andjor liquid filling the
voids among the particles. This chapter examines the
individual svil particle,

4.1 APPEARANCLE OF A SOIL PARTICLE
Partlcle Size

The size af a pacticle, other than 1 sphere or eube,
cannot be uniguely defined by 4 single linear dimension.
The meaning of “particle size” therefore depends on the
dimension that was recorded tnd how it was obtained.
Two common ways of determining particle size are a
sigpe analysis' for particles larger than approximately
0.06 mm and a hydrometer analysix' for smaller particles.
v the sieve analysis, the soil particles are shaken on a
sleve wilh square opemngs of specified size. Thus the
Ysize” of a particle larger than 0.06 mm s besed on
the side dimension of a square-hole in & screen. In the
hydronieter analysis, the “size” ol 'a parucle is the diam-
cter of o sphers which settles in waler at the same velocity
s the particle.

Soil parncles vary i size Trom 1o 1007 mm, e,
10 A, up to large rocks severnl meters in thickriess, a
range ol one to more than a biliwn. The tremendous
magnitude of this range cen be better grasped by toting
that the size runge between a moth ball or child's marble
and aur earth is also a one to a billiom

In dascribing the size of a soil particls, we can cite
either a dimension or @ name that has been arhitrarily

assigned 1o a certain size range. Table 4.1 gives such a

sel of names with their corresponding particle size ranges.
(MNoted in Table 4.1 in parentheses are ather numerical
values whichare also used.] The word “clay™ is also used
to describe a fine-grained soil [aving plaslicity, as was
discussed in Chapler 3. We can avoid confusion by

! The detailed progedures for these analyses are gi an in Lambe
(1955).

49

Table 4.1 TParticle Size'

Boulder >12in.

Cobble 6to 12in.

Gravel 20 mm (or 4.76 mm) to & in.

Sand 0.06 (or 0.076 mm) to 2.0mm (or 476 mm)
Silt 0.002 1 0.06 mm (or 0.074 mm)

Clay < 0.002 mm

employing “clay size” rather than merely “clay" to
denote a particle smaller than 2 . -

In Fig. 4.1 are plotted the sizes of various particles and
the ranges of some methods of detecting particle size. A
widely used soil particle size classification is shown at the
topof Fig. 4.1, A study of this figure will give perspective
to particle size and its determination.

Particle Shape

The preceding diseussion noted that the size of a pac-
ticle could be given by a single number only when the
particle was equidimensional, as a cube or sphere. This
situntion is not toa fae from true for soil panticles in the
silt range und coarser, but it is far from true for particles
in the clay size range. Thus is tllustrated in Fips. 4.2 and
4.3, which show sand particles, and in Fig. 4.4, which
shows clay particles. Sheetlike particles, such as mica,
do eccur in the silt and larger size portions of sou, and
particles having shapes such as those shown in Figs, 4.2
and 4.3 do ocour in the cluy size range. In general, how-
ever, most of the particles in the silt range and cosrser
are approximately equidimensional and mest of those in
the clay size are far from equidimensional. The most
cammon shape for clay size particles is platey, as are the
kaolinite particle and illite particle shown in Fig 4.4
Rods and laths, however, are found in soils, generally in
the clay size fraction,

Gealegists working with rocks describe particle shapes
using such terms as disk, sphere, blade, and rod on the
busis of dimension ratios. The civil engincer generally
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finds it impractical to characterize numerically particle
shape because of the smali-sized particles with which he
normally works.

Degree of Ronndness, Surface Texture, and Color

The degree of roundness refers to the sharpness of the
edges and corners of a particle. Figure 4.5 shows five
levels of degree of roundness,

Minor fealures of a surface of a particle, independent
of size, shape, or degree of roUndness, dre termed
“surface texture” of the particle. Some terms used to
desgribe surface texturs are dull or polished, smooth or
rough, striated, frosted, etched, or pitted.

Color 15 & useful particle characteristic to the geclogist
working in mining, hut it is of little value to the soil
engineer. The soil engineer does, however, {requently
use color to describe an assemblage of particles, g,
Boston blue ¢lay. e must use color desoriptions with
caution, since the color of & soil mass can change with a
change in maistiure content or chemical composition,

The soil particles in Figs. 4.2, 4.3, and 4.4 illustrate
several features of particle appearance. The Ottawa sand
and Raguba particles are well rounded and frosted. The
particles of sand formed by crushing large mineral chunks
(Fig. 4,24, e, and J) have shurp edges and corners, and
their surlzces are not striated, frosted, or ciched. The
photographs of the Venezuelan sand show that compres-
sion to high pressures may cause considerable crushing of
particles. The natural Venezuelan sand (Fig. 4.2/1) had
49 of ms particles finér than 0.074 mm, whereas after
compression (Fig. 4.2¢) it had 20% of its particles finer
than 0.074 mm.

All of the Libyan sands shown except the Raguba sand

are ftom near the Medilerranean Sea and are 70-90%
carbonate minerals. The Raguba sand came from the
desert 100 miles away from the sea and is 989 quartz:
The carbonate sands, especially those in Fig. 4.3, have
& high degree of agprepation (i.e., joiming topether of
particies by cementation], as can be seen. This aggre-

© gation inevitably affects the behavior of the soll. Far

example, tests on undisturbed specimens of the appre-
gated sand displayed a significant tme dependency of the
stress=strain behavior. However, lests on reconstifuted
specimensin which the aggregation has bean disintegrated
shoaw less time dependency,

The kaolimite particle in Fig. 4.4 is about 1 4 across
and .08 y thick. Two:smaller kaolinie particles can he
seen on top of the large one. The surface of the kaoliniie
particle appears to be smoeth to a scale of probably
100 A. The smallest clay particles, montmorillonite, ¢an
and do commenly exist in platelets as thin as J0A and
are smooth 1o within an angstrom.

42 COMPOSITION OF A SOIL PARTICLE

The beginning student in 50il mechanics usually reasons
with apparent logic that the composition of the individual
particles inan element of soil is an important character-
istic of soil. This belief is false since there are few use-
ful, genera! relationships between soil composition and
soil behavior. On the other hand, this beliel is true as Tar
as a fupdamental understanding of soil behaviar is con-
cerned.” The nature and arrangement of the atoms in a
soil particle—i.c., composition—have a significint influ-
ence on permeability, campressibility, strenpth, and stress
transmission in soils;especially in fine-grained sails. There




Fig. 4.2 Sand particles. (o) Oliawa sand, 042 (o 0.84 mm. (b) Otawa sand, 0.19 to 0.42 qun, (e} Ottawa sand, D11 10
019 mm (o) Ground feldspar, 019 te 042 mm. (¢) Ground quartz, 0.19 to 0.42 mm. () Ground dolomite, 0.19 10 0.42 mm.
(g} Hawaiian beach sand, (4] Venszuclan sand, (/) Venczuelan sand (sand N after compressipn to 20,000 psih  (From
Roberts, 1964.)




Fig. 4.3 Sands from Libya (0.15 to .25 mm fraction). (a) Plant site, Brega, (O}
Harber botiom, Brega. (c) Gas plant, Erega, fef} Rugu'na. (e} Crude tank [arm, Brega
(Sands supplied by ESSO Libya: Photos by R: T. Martin, M.LT.)
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Fig 44 Clay particles. (#) Kaolinite (From Lambe, 1951). (8 llite (by R. T. Martin, MLI.T.),

are cerliin minerals that ean give a soil containing them
unusual properties. Twao examples are montmorillenite
and halloysite. Montmerillonite can cause o soil to he
highly expansive and hallovsits can cause soil to have a
very low unit weight. These and other relationships be-
tween composition and behaviorare oted in [ater chape
ters. Thus Lhe student needs Lo study sofl comnosition if
he is to understand the fundamentals of clay behavior and
particularly the dependence of thiz behavior on tine,
pressure, and envirgnment. Ly eaplaining soil hehavior,
liter chapters in this hook will make use ol the matesal
presenizd an the remaining part af this chapter on soil
-Tl'll'l'LPnS!hnﬂ

A s0il particle may be sither erganie of orgdiale.
Litlle 15 known dbout the composiiion of organie soll;
In fact, at the present state of knowledps, the engineer
makes little attempt to identify the actual organic com-
pounds insoll. There are soils that are composed entirely
af arganic particles, such as peat or muskep,? and there
are soils thal contain some organic pirticles and some
tiorganic parteles, such &s “arganic silt”

Arn imorganic soil particle may be either n mineral ar a
rock. A muneralisa naturally occurning cheimical element
or tompound {i.e, has a chemical composition expres-
sible by a formula) formed by a geologic process. A rock

P The Natlondl Research Council of Canada hes had a group
studyng minskeg for i number of years, The various procesdings
of Muskep Research Conferences sponsared by NRC are ain
excellenl source af information oo muskeg,

s the solid material which comprises the outer shell of
the earth and is an aggregate of one or more minerals or
plasses,

The rest of this chapter presents certain;principles of
mineralogy and describes a few minerals of interest to the
soil engineer. The intent of this presentation is to give
the reader some understanding of the nature and arrane-
ment 6f atoms in seil particles so that he can then grasp
why cerlain particles are small plates that are chemically
motive and other particles arclarge, approximately equi-
dimensional chunks that are relatively inactive. For a
detailed consideration of mineralogy the reader should
se¢ books devoled entirely to this subject, sueh ag Grim
(1933), Dana (1949), and Preceedings of National Con-

Sevence en Clyys and Clay Minerals ®

Minerals have been classified on the basis of both the
nature af the atoms and the arrangement of the atoms.
The first classification has headings such as earbonates,
phosphatss, oxides, and silicates. This classification is
of limited value to the civil engineer since the most
abundant und important minerals are silicates. 1n fact,
il all of the scil in the world were placed in ane pile, aver
90%; of the weight of the pile would be silicate minerals.

Table 4.2 (p. 50) is a clossification of silicates based
on the arréngement of atoms in the mineral, This
classification has merit for several reasons. First, it is 2
# Availahle (roni the Publications-Qffice of the Nationn| Aecadanmy

of Sciences, National Resmirch Canneil 210] Constitution Avenue,
Washingion 28, D.C,
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Chart 1o thow toundim casey. A, sigalar, B, wbangular, G,
subrounded; [, rounded; E, well jounied

Fig. 4.5 Depree of panicle roundness [Fig. 24 Sedimentary
Rocks (1945) by F. J. Pettijohin, by permissicn of Harper &
Row, Publishers. ]

definite grouping since there is only one known silicale
(vesuvianite) that fzlls into morethan one group, Second,
there is & relationship between the atomic arrangement in
a mineral and its physical, optical, and chemical proper-
ties.

Soils are usually the products of rock weathering and
thus the niost abundant soil minerals are commaon rock-
forming minerals and those that are most resistant 10
chemical and physical weathering, The sheet and frame-
work silicute minerals are therefore the most abundant
and commen soil minerals.

Basic Structural Units

The study of the silicate miners! siructures may.be
facilitated by "“buillding” a mineral out of basic structural
units? This approach is an cducational technique and not
neoessarily the methad whereby the mineral is acwally
formed by natore. The structures presenied in this
chapter are idealized, The typical crystal in a clay s a
complex structure similar to the idealized arrangement
but vsually bhaving irregular substitutions and inter-
layering, Figure 4.6 shows a group of basic silicale unifs,
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The silicon-oxygen letrihedron consists of four oxygens
nestled around a silicon atom to form the unit shown in
Fig. 4.6a. The atoms are drawn o scale on the basis of
the radii in units of angstroms given In Fig. 4.6/, The
table at the right of each unit gives the valences,

Figure 4.fic shows the aluminum-oxypen octahedron
and Fig. 4.64 the magnesium-oxygen octahedron. Com-
bining the sihcon-oxygen tetrahedrons gives the silica
sheet shown in Fig. 4.6e. Combining the aluminum-
oxygen octahedrons pivey gibbsite (Fig. 4.6/), and com-
bining the magnesium-oxygen ociahedrons gives brucite
(Fig. 4.6g). A study of the valences in Fig. 4.6 shows that
the tetrahedron and two octahedrons are not electrically
neutral and therefore do not exist as iselated units,
Gibbsite and brucite are, however, electrically meurral and
exist in nature assuch,

Two-Layer Sheet

If we stack a brucite unit on top of a silicate unit we
eet serpentine, as showh in Fig, 4.7, This figure shows
both the atomic structure and the symbalic structure.
Combining in a similar way gibbsite and silica gives the
muncral kaglmite shown in Fig. 4.8

The actual mineral particle does not vsually consiat of
only u few basic layers as supgested by the symbolic
structures in Figs, 4.7 and 4.8, Instead, a number of
sheels are stacked one on tap of another ta form an actual
crystal—the kaolinite particle shawn in Fig. 4.4 contains
about 115 of the twa-lnyer units. The linkuge between
the hasic two-layer units consists of hydrogen bonding
and secondary valence forces.

In the actual formation of the sheet silicate minerals
the phenomenon of isomerphaus substitution frequently
aceurs. Isomorphous (meaning “same form™) substitu-
Lion consists of the substitution of one kind of atom lor
another. For example, one of the sites filled with a
sificon atom in the structure in Fig. 4.8 could be occupied
by an alir ninum. Such an example of isomorphous sub-
stilution could oceur [ an alumnum atom were more
readily available at the site than a silicon atom during the
formation of the mineral: forthermore, aluminum has
caardinating charncteristics somewhat similar to silicon,
thus it can {it in the silicon positon in the crystal lattice,
Substituting the alummum with its -3 valence for silicon
with its +4 valence has twe important effects:

1. A netunit charge dtﬁi‘.lc]‘l[‘.}! results per substitution.
2. A slight distortion of the cryseal lattice oceurs since
the ions are not of identical size,

The significance of the charge deliciency is discussed in
Chapter 5. The distortion tends to restricl erystal growth
and thus limits the size of the erystals

In the kaolinite mineral there is a very small amount of
isomorphous substitution, one possibility being one
aluminum replacing one silicon in the silica sheet of the




b

PART Il THE NATURE OF SUIL L d

Q 1-0 =2

(_% I-51 +4

Cﬁ}-ﬂ =

{a} (i
4-0 -8
4-5 +16
&0 -12
(d) ()

(&)

ion  |Rudis ()| Symbol
at? oar &
[Ty o3s ®
ot 132 O
=1
@i 132
vt 2 078 .
thl

Fig, 46 Basie silicate units. {a) und () Silicen tetrahedron. ()
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(f) Gibbsite. (g) Bruzte.

muneral. The amount of ths substiiclion needed 0
explain the charge on kaolinile is one substitution for
every {our hundredth silicon wn, i

Since the basic structure of kaolinie consists ol & layer
ol gibbsite on top of a layer of silicite, this mineral is
called & “two-layer” mineral.  Kagplinte js the maost
imporiant and most common two-laver nineral gncoun-
tered by the engineer. Hilloysite, having essentially the
same composition and structure as kaolinite, i§ an
interesting and not uncemmon member of (he two-layer
silicate group. The main difference between halloysite
and kaolinite is the presence of water hetween the basic
sheets of halloysite, which results in halloysite existing in
tubular particles.

Three-Laver Sheets

The three-laver sheet minerals are formed by placing
one silica on the top and one on e botlom of either a
pibbsite or brucite sheet. Figure 4.9 shows the mineral
pyrophyllite made of 1 gibbsite sandwiched between two

silica sheets. Figure 4.10 shows the structure of the
mineral museovite, which is similar 1o pyrophyllite except
that there has heen isomarphous substitution of alunii-
nuri {ur silicon in muscovite, Thenet charge created by
this substitution is balanced by potassivm ons, which
serve 1a link the three-layer sandwiches together, as
indicated in the symbolic strogture in Fig. 4.10.

The two most common three-layer structures in soil
are manimorillonite and illite tvpe minerals. Mont-
matillonite has 4 structure similar to pyrophyllite with
the exception that there has been isamorplious substitu-
tion of magnesium for aluminum in the gibbsite sheet,

Figure 4.11 gives a summary of the sheet silicate
munerals of impeortance 1o the civil enginesr.

Frameworks

Quartz, a framework silicate structurs, has a very low
rutio of oxygen to silican (2:1), a5 noted in Table 4.2. Tt
i5 thus one of the most weather resistant minerals. The
feldspars liave higher exvgen Lo silicon ratios (2.7 to 4.0)
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Fig. 4.7 The structure of serpentine. {a) Atomic structure,

(k) Symbalic structure.
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Fig. 4.9 The structuee of pyrophyllite. (#) Alonic slructure.
(4} Symbolic structure,
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Fig. 4.8 The strocture of kaglmie. (o) Atomic structure,
{b) Symbolic structure.

1000 A
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Fig. 4.10° The structure of muscovite. [a) Atomit siruciure,
{8} Symbolic structure.
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Table 4.2

The Silicate Structures
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and can change through weethering inta elay minerals.
Because they are very common rock-forming minerals,
the lrameworks, especially quartz and feldspars, are very
abundant in soils, While these minerals sometimes accur
in clay size particles, they are most common in silt size
and larger. Because of the nature of their strueture,
particles of the framework minerals tend to exist in
shapes thal are appreximately equidimensional.

43 SUMMARY OF MAIN POINTS

This chapier gives a very condensed and selected treat-
ment of an exiensive and complex body ol knowledge.
The significant points in this treatment are the following:

L. Soil particles rangs in size from very small to very
large.

2 Generally, sand and silt particles arc approximately
equidimensional, but clay particles are plate-shaped
or, less commonly, lath-shaped or rod-shaped.

Cli. & Deserigition of ai Individual Soil Particle 3l

3. FParticle size, shape, and activily can bo explained
in terms of erystal chemistry of the particle.

4. Isomorphous substitution, cammon in the shect
minerals, tends to retard crystal growth und gives
the crystal & net electrical charge

PROBLEMS

4.1 Would you expect the sand shown in Fig. 430 10
exhibit a pariicle size distribution dependent on the treatment
given the sand prior to sieving? Why?

42 Would you disaggregate the sand (Fig. 4.34) prior 1o
sieving il the purpose of the particle size testing was an attempt
10 relate particle size and permeability? Why?

43 Draw the atomuc struclure of monimorillonite.
[Hinr. Alier the pyrophyllite structure (Fig. 4.9) in accord-
ance with the isomorphous substitution noted in Fig
4.11.]

44 Using Fig. 4.5 as a pulde, classify the sands shown in
Fig. 4.2 as to roundness



CHAPTER 5

Normal Stress berween Soil Particles

Chapter 4 considered soil particles as individual,
isolated units: This chupter examines the interaction of
adjacent soil particles; Le., the stresses that develop
hetween adjacant soil particles and the way in which
these stresses aflect the way that adjacent particles fit
together.  This presentation deals primarily with the
normal stresses acting batween small particles which are
not in contact. Chaper § treats shear stresses and normal
stresses betwesn particles in contact with eash other

In a highly schematic way, the types of forces thit
cxist between twoadjucent soil particles are (see Fip. 5:1):

F,, = thie foree where the contact is muneral-mineral

Iy = the fgres where the contact is air-minern| or
RIC-AIT

F,, = the foree whiere the contact 15 water-mineral
ar waler-waler

R’ = the elecinical repulsion beiween the particles

A" = the elecliical attraction between the parucles

5.1 THE ELECTRICAL CHARGLE ON A
SOIL IPARTICLE

Every soil particle exrries aneelectrical ¢harge. This
fact cun readily be demaonstrated by mixing a fine-grainwed
sofl with water in a beaker and then inserting at different
lacatians in the beaker two clectrodes which are com-
ponents of an eleetrical circuit containing 4 battery and
anammeter. The ammeter will indicate that the slectrical
chiarge in the circuit is transmitled through the soil-water
mixture. Although theoretically a soil particle ean earry
cither & net negative or a net positive charge, only nepa-
tive charges have been medsurcd. Tius net clectrical
charge may anse from any one or a combinatian of 1he
five Tollowing lactors:

L. Isomorphous substilution,
2. Sufface disassociatinn of hydroxyl lons,
3. Abscnce of cations in the crystal lattice,

52

4, Adsnrpnnn of anjons.
3. Presence of organic matier.

Of these five possible couses the ﬂm—--isnmnrphnus
subslitution—is the most important.

It addition 19 & net charge, & soil particle can carry &
distiibution charge because the seat of Lhe positive charge
and the seat of the negative charge do fol coincide.
Simitarly, the crystal bonding m a soil particle results
in loeul charges.

Since the magnitude of the ci.!: trical charge is divectly
relinted to the particle surface area, the influence of this
charge on the behavior of the particle relative to the
influence of mass forces (i.2,, the weight of the particle)
will be directly related to the surface area per mass of

Surface
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Fig: 5.1 Forces betwesn particles, {a) r\ﬁjar:tntmllp:lrliclﬁ.
(b) Forces across surface. i




particles. The magnitude of the surface area per mass,
specific surface, is therefore a good indication of the
relative influence of electrical forces on the behavior of
the particle. The term collvid is used to describe a par-
ticle whose behavior is controlled by the surface-derived
forces rather than mass-derived forces,

A clay particle is a colloid because of its small size and
irregular shape, The smaller a particle size the larger its
specific surface, as can be seen in Table 5.1, From this

Table 5.1
| Surface
' Total Area =
Lengihof  MNumber  Toml Surface Volums
Cube Side of Volume Ares 1
{em) Particies  (cm?) fem¥) o
1 | 1 6 ]
1 p=10 ots 1 50,000 610,000
1mp e 1077 1028 1 GO,000,000 60,000,000

table we can see that the specific:surface goes up directly
as the particle size goes down. As 2 matter of fact, the
surface area per volume of a cube is 6L and of a sphere
is 64

The size range of colloids has been more or less
arbitrarily set as I mu to | u, as noted in Fig, 4.1, Below
I'mg lie the diumeters of atoms and molecules, Most
particles larger than approximutely | pare predominantly
influenced by forees of mass, A specific surface of 25 m?/g
has also besn supoested as the lower limit of the colloidal
range. The principles of colloidal chemistry are helpful
in the understanding of clay behavior.

Farticles sill size and larger have specific surface velues
of less than 1 m*/g, Le., considerably smaller than the
lower limit of the colloidal range. The “specific surface™
colummn in Fig, 4.11 gives typical values of specific surface
for clay particles. Note particularly the Jurge differsnce
in specific surface between kaclinite (10 to 20 m#/g) and
montmorillonite (800 m*fg). The tremendous surface
arca of montmorillonite can be visvalized when one
realizes that 6 g of montmarillonite hus approximately the
same surface area as an entize foothal) field—or only 12 3
of montmorillonite would be needed to cover an entire
football field (to cover the field requires 2 x 6 g since the
area on both [aces of the ¢liy particles contribute to the
specific surface),

MNag
(Al Mg, )81,0,(0H),
Fig. 5.2 Montmarillonite formula.

1 Specific surfaee is sometlimes defined as surface area per volume.
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Unit Weight,

Al 167 % 2697 = 45.0

Mg: 433 x 2432 = 80

Mal 033 %230 = 7.6

TN 4 x 2806 =112.d

O: 12 X 1600 = 1920

H: 2x 100= 20

Towl 367.0

Charge Deficiency = § electrical equivalent per 367 pram-
mol-weights

0.333 equivalents

367 7 100 grams

- Fig. 5.3 Computation of net chargs:

A soll particle in nature attracts ions to neutralize its
net charge. Since these atiracted ions are usually weakly
held on the pacticle surface and can be readily replaced
by other ions, they are termed exchangeable fons. ‘The
soil particle with its exchangeable ions is neutral,

As an illustration of the net charge on a soil particle,
let us consider & montmorillenite crystal approximately
1000 A in lateritl dimension and one basic thrae-layer-
unit thick. Figure 5.2 pives the structural formula for
montmerillanite. The net nepative charge of ane-third
of a unit charge is shown as being bulanced by an
exchangesble sodium. [t is a common convention to
represent the exchanpanble ion as sodium in a structural
formula, although any one or u combination of a large
number ef cations can exist [n the exchangenble positions.
Calcium is a very common exchangeable jon in s0il.

Figure 5.3 shows the computation for the formula
weight of montmorillonite. The formuta weight of 367 g
and the charge deficiency of one-third per formula can be
expressed in terms of milliequivalents per 100 g of clay,
abbreviated us mef100 g The computation yields §1 me/
100 g as thie theoretical charpe deficiancy, or fon exthange
capncily, of montmoritlomite, The measured exchanpe
capacity for montmorilionite is closs to the theorstical
vilue of 91,

Wecan also make theoretical calpulations of the specific
surface and the surluce area per chirge of # soil erystal
Figures 54 and 3.5 show these computations for o

Surface drea per unit = 92 6 A*
. 926
Volume per unit = —— A® x 10A =463 A°

Weight per unit =463 A? x 10 * em¥A? x 2,76 glem”
= 1278 x |0-H g
92.6 A* x 1072 m?fA?
1278 = 10 % p
= 715 m¥/g

surface areq per gram =

Fig. 54 Computation of specific surface.
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Charge deficieney = § per 2 eatlons in gibbsite
" Charge deficiency = § per 4 cations—ie., unit in Fig. 4.9
Surfage area for unil is:

2(tap and bottom surfaces) x §.9A x 52 A =916 A%
(8.9 and 5.2 are dimensions al unit as determined (rom
atomie struciure)

Surface area per unit charge deficiency:
926 A* x 3 =139 A?

Thus one net charge per surface area of 139 A2

Fig. 5.5 Computation of surface aren per charge.

montmorillonite unit with four cations in the gibbsite
slieet. The computed value of 725 mYp is close ta the
experimental value given in Fig. 4.11 of 800 m%/g. (The
value of 800 m*/g was oblained from a laboratory fest
in which the mineral was permitted to adsorb a mone-
molecular thickness of adsorbale) The value of net
charge per surface area, piven in units of 1/A?, is the
“charge density™ of the mineral. The theoretical value
of 139 from Fig. 5.5 compares well with the measured
value (133) given in Fig. 4.11

52 PARTICLE WITH WATER AND IONS

Let us now consider the nature of a soil particle in
water since this is the stale in which the civil enginesr 15
nearly always interested. To give perspective to this
consideration two Lypical elay particles will be employed.
Figure 3.60 shows a typical particle of montmorillonite,
which is one of the smaliest and most water sensitive
minerals encountered in clay; Fig. 5.6b shows a typical
kaolinite particle, one of the larger and jess water sensi-
tive minerals encountered in clay. Figure 5.7 shows a
portion of the Juteral surfuce of each of these clay
particles with the sites of the exchangeable 1ons,

The two typical clay particles contain abuut 14,000
exchangeable monovalent ions on the montmorillonite
and 4,000,000 monavalent 1ons per kaolinite particle.
Figure 5.8 shows the computation of the number of

()

(&)

Fig. 5.6 Typical clay parlicles, (#)Montmorillonile, 1000 A
by 10A thick. () Kaolinite, 10,000 A by 1000 A thick.

(&)

E-;i-HyD ——O""“— Hydratad Nat, R=78A

Unhiydrated Na, R=08ati
]

Fip. 5.7  Soll surface with exchangeahle ions. (a) Surface of
dry kaolinite + sodium ions. (b) Surface of dry mentmaril-
lomite + sodivmoons. {¢) Hydranen of sodium lon.

charge deficienties orsites I or monovalent exchangeable
ions on the montmaorillonite particle. 1n this discussion,
sodium has been chosen as the exchangeable ion for
illustrative purposss, Thus the montmonllonite particle
in Fig. 5.6 would carry 14,000 sodium ions and the
kaolinite particle 4,000,000 sodium 1ons,

IT the individual clay pacticles are now dropped into
water, both the mincral surfaces and the exchangeable
ions pick up water, i.e., hydrate. Upon hydration, the
sodium jon grows about seveniold, as is iHustrated in
Fig. 3.7. As the sealed drawings indicate, the hydrated
sodium ioug are too large Lo [iLinto & monoionic lnyer on
the mineral particles even il they wanted 1o, Actually,
ihe exchangenble ions with their shells of water move
away [rom the mineral surfaces to positions of equilib-
rium. The ians are atteacled to the mineral sucface to
satisly the nepative charge existing within the surface;
they dlsa desirs to move away [rom cach olher because
nfthelr thermal encrgies; the actual positions they accupy
are compromises belween these two types of forces. Thus,

For mommorillonite particle 0.1 a0 x 0.1 4 * 10A
Surface area of parficlct

1000A = 1000A x 2 =2 = LOVA®
Number of charge deficiencies;
1charge

27 = 14,400
13915 -

Fip. 5.8 Number of eharges on montmarillonite particle.

2 % 10948 x




when phe individual particles are dropped into water the
ions move away from the surface to form what is termad
the double layer® In Fig. 5.9 the clay purticles are shown
with the fully developzd double Jayers they would have
in pure water. Figure 5.10 shows in three dimensions the
qame surface sections presented in Fig. 5.7. From Fig,
5.10, we can get some idea of the approximate spacings
ol the hydrated ions in the double Jayer, These spacings
represent & maximum since the pore fluid i this case is
distilled water. Figurs 5.11 shows the double layers of
the sodium kaolinite particle and the sedium mont-
maorillonite particle 1o the same scale a5 in Fig. 5.10. In
Fig 5.11a the ions around our selected susface sections
are shown s point charges. Figure 5.115 shows plots of
the concentration of sodium ions versus distance from
the particle svrfnce. At a distance of approximately
400 A, whizh is the thickness of the double layer, the
concentration of sodium ions has become equal 1o that
in the “pore” or “frec” water. In Fig. 5.11¢ plots of
clectrical potential vérsus distance from the surface are
shown. Electrical potential is {the work required to move
a unit charge from infinity to the peint in question and
is negative for clay surfaces. The double-layer thickness
is thus the distanee fram the surface required to neutralize
the net charge on the particle, i.e., the distance over which
there is an electrical potential.

The waler in the double layer is under an attractive
force to the soil particle since this water is attached to
the exchangeable ions whicl are in turn attracted to the
soil surface. Water is also attracled to the mineral sur-
face by other Torces (the force between the polar waler
and the stray clectrical charges on the mineral surface,

Table 5.2
Water Content?
Specific Surface  (for 5 A layer)
Particle (m3n) (%)
0.1 ‘mint sand .03 1.5 x 10—
Kaglinite 10 0.5
Itlite 100 5
Montmorillonite 1000 50

* The water content was calculated as:

Water content = {specific surface) x (thickness of
layer of water) x (unit weight of water)

Far kaolinite,
Water content = (10m?¥/g) x (3 x 107 m)
% (10°g/m?) =5 x 10" 0r 0.3

2 The Gouy Chapman double layer theory can be used fo calculate
the distribution of ions in the double layer (Yerwey and Ovarbesk,
1948},

Ch. 5 Norinal Stress between Soil Particles 53

{a)

(b}

Fig. 5.9 Soil particles with water and ions. (a) Sodium
montmorillonite. (b)) Sodium kaolinite.

hydrogen bonding, and van der Waals forces). Al-
though there is controversy as to the exact nature of the
water immediately next lo the mineral surface, it is
generally recognized that at least the first few molecular
luyers of water around the sail particle are sirongly
atrracted to the particle.

In order to illustrate the importance of this adsorbed
or altrasted water, let us caleulate for typical soil par-
ticles the watar content corresponding to a 5 A layer
(about twa witer molecules thick).

Table 5.2, which is lughly approximate and intended
only to show trends, illustrates the great importance of
particle sizz on the amount of water which ean be bound
1o & particle. To illustrate the significance of these results

{b)

~

Fig. 5.10  Particle surfaces with water und fons, (4} Sodium
kaolinite. (&) Sodium montmorillonile
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Fig. 5.11 Particles with double layers.

a typical illitic clay |0 nature may have 2 water content
of 509, From our calculation, we see thut almaost all of
this water 15 “free™; fe., not strongly attracted to the
mineral skeletan and thus really eonstituting a sepurale
phuse, On the other hand, in many highly montmorilla-
il clays. it may be guiie difhcull o separate the mineral
and pare phases.

There are certain soil minerals that have the ability to
immobilize a relatively large amount of water. The most
commaon suich mineral is halloysite, which has 2 crystal
structure similar 1o kaclinite, as Indicnted in Fig 4.11.
Because of the ability of holloysite to ndsorb water
between the sheets, sails containing rhis mineral can 2xist
at o high water content pnd a low density. Clays con-
taining halloysite have successlully been used [ur dam
cores even though they showsd compacted dry densitics
of 30-60 1b/[¢" (hall of that for normul clays) and water
contents of J0-50% (1wo ar more times the usval com-
puction water content for clay). Several examples of this
unusuzl behavior are given by Lambe and Martin
(1953-1957).

In the preceding discussion, sodium has been selected
as the exchangeable dion. The jons udsorbed on soil
particles can'readily be-exchanged, as illustrcied n the

Mg Na MNa Mo

[ Ciay pariica |

Il

Na Na MNe Na

+4CaCl;

symbolic reaction shown in Fig, 5.12, The addition of
ealeivm chloride to a soil-water system results in the
replacement ol sodium by calcium. The nature of the
exchangeable jon on the soil particle has an important
influgnce an the hehavior of the soil system, Note from
Table 3.4, for example, how much the Aterberg limits
of clay can depend on the nature of the exchangeabls lon.

A reactian, such as that shown in Fig. 512, results in a
depression of the double layer around the soil particle,
i.e., the thickness of the iun-waler Jayer around the soil
particle reduees, This reduction of particle double layer
results in a change of the properties of a mass of particles,
There are general principles that cootrol the rate’ and
direction of exchange reactions. These principles invalve
the valence of the exchanged cations, coneentration of
cations, cle.

53 THE FORCES R AND A’

Il we take two clay particles in water which are far
apart and then bring them Loward cach other, they will
rench an |nterparticle spacing at which they begin te
exert forces on each other. Since erch particle carries a
hiet negative charge, the two particles repel each other

= 4 BNaCl

Ca Ca

Fig. .12 lon exchange reaction.




becatise of the Coulombic: electrieal force between like
charges, This is the force R'. This repulsion of the
approaching clay particles is like that between two baur
magnets when the negative poles are pushed toward each
other (or the positive poles are pushed toward each other),

Since the negative charge on a clay particle is balanced
by the cations in the douhle liyer, the two advancing
particles begin 10 repel each other when their double
layers come into contact with one another. The repulsive
force between the adjacent particles for any piven spacing
is therefare directly related to the sizes of the double
layers on the two parlicles, and any change in the charac-
teristics of the soil-water system that reduces the thick-
ness of the double Jayers reduces this repulsive force for
the same interparticle spacing. Figure 5.13 illustrates the
influenices of various characteristics of the sysiem on the
electirical potential w, and thercfore R, at any given
distance z [rom the particle surface.

In gddition to & repulsive farce between the approach-
ing clay particles, there is dlso a component of attractive
force A" between the two particles. This attractive force
is the van der Waals' force, orsecondary bonding lorce,
which zcts between aill adjacent pieces of matter. This
attractive foree between Lhe clay particies is essentinlly
independent of the characteristics of the fluid between
the particles.

Al this stage, it is convenient to distinguish two cases:
{a) the case where the total force between particles is very
small, i e., equivalent to the weight of soil contained inan
ordinary beaker, and (b) the ease where the 1otul force
is equivalent to the weight of & building or to the weight
of ten or more fzet of overburdean.

The first case is encountered as a sedimentary soil is
first formed, and 2 study of tlus caso leads to an under-
standing of how particles may be arranged within a
sedimentary soil. This case it studied in Section 5.4. It
suffices 1o consider B and A’ only in qualitative terms.

The. second case is gypicsl of that encountered in
engineering practice, and & study of this case (see Section
5.5) leads to an understanding of just how forces are
transmitied between particles, In this study it will be
negessary to treat R and A’ in quantitative ferms.

54 FLOCCULATION AND DISPERSION

If the net effect of the attractive and repulsive forees
between the Lwo clay particles is attractive, the two
particles will tend to mave toward each other and become
attached—flacewdate, 1f the net influence is repulsive they
tend to move away—disperse. Since the repulsive force
component is highly dependant an the characleristics of
tlie system and the attractive component of force is not

strongly influenced by the characteristics of the system, .

a tendency towerd floceulation or dispersion may be
caused by an alieration in the system charuclenistics,
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Fig. 5.13 The efiects of changes in system properties on
douhle laysrs. (@) Concentralion only variable. (b) Valence
only variable. (¢} Digleotric constant only variable.

which alters the double-layer thickness. A tendency
towird flocculation is usually eaused by increasing one
or more of the following:

Electrolyte concentration
lon valence
Temperature

or decreasing one or mare of the following:

Dielectric constant
Size of hydrated ion
pH

Anion adsorption

Most of the effects of varying the characteristics of the
soil-water system on the tendency toward flocenlation or
dispersion can by denionstrated with a sojl-water suspen-
gion in & test tube. In each demonstration the swme
weiglit of soil particles is employed. These ure illustrated
in Fig. 5.14.

The two types of interparticle forces discussed so far
have twe important characteristics:

1. They originate from within the mineral erystal.
2. They can act over relatively large distances, fie.,
several hundred angstroms.

These are the only two types of forces considered by
colloidal theorics, There is convincing evidence that there

.




58 PART 1l THE MATURE OF S0IL

are other eleetrical forces which ean become very impor-
tant when the spacing between clay particles decreases to
very small distances such as zre typical in the deposit with
which the ¢ivil engineer usually works. The mast impor-
tant force not considered by the colleidal theories 15 that
arising fram the net pesilive charge at the edges of {he
soi} purticles. This net charge is small relative to the net

B i
i
1.00m

LOBN 50N i 2.00N
€acly Cacly Catly Call;
{a)
INFeCl,
= =
55C 20'c 95°C
td)
LN Nalt
Ry, =78
)
=1
1N NafiH INMal INHCT
pH =14 pH =7 pH=0
()

Fig. 514 Effects of systerm characteristics on soll sediment.
(@) Effect of electrolyte concentration. (h) Efizct of ion
valence. (¢} Effect of dielecinic constant. () Effect of tem-
perature. (o) Effect of size of hydrated jon. (f) Effect of pH.
Each tube has same concentration of sail in liquid.

Fig. 5.1 Sediment structures. (@) Salt flogeulation. (b)
Monsalt focculation. () Dispersion.

negative charge on the particle arising from isomorphous
substitution and thus plays a minor role when adjacent
particles are hundreds of angstroms apart. Whesn, how-
aver, the particles are very close together, this edge charps
can parligipate in an edge-to-face linkage betwesn
particies of an electrostatic type.

In the demonstrations illustrated i Fig. 5,14, the
Nlocculated sediments consisted of particles attracted to
one another to form Joose arrays. The particles in the
sediment which repelled each other could stack in efficient
arrays much like playing cards in a deck, Figure 5.15
tlustrates particle arranpements in the soil sediments.
Where there is salt-type flocculation (that treated by the
colloidal theories), there is a measurable degree of paral-
lelism between adjacent particles since the atteaction
between the particles is of the secondary valence type.
In the edge-to-face or nonsali-type fincculation, the par-
ticles tend to be perpendicular to each other since the
attraction is an electrostatic one hetween the edpe of one
particle and the face ol anather. Asshown in Fig. 5.15¢,
the dispersed sediment tends to have particles that nre
in & parallel array.




55 THE TRANSMISSION OF FORCE
THROUGH SOIL

Figure 5.16 shows two parallel platens to which a
normal force of 14.7 Ib is applied. Each platen is square,
| in. on & side, thus having an area of | in.®%. The normal
stress between the two platens is the total force 14.7
divided by the area of 1in? and thus equals 14.7 Ibjin.%,

Each platen is now coated with a layer of wet sodium
mantmorillonite particles oriented parallel 1o the platens.
For a system of paralle! sedium montmorillonite particles
Bolt (1956) obtained experimentally the curve of spacing
versus stress shown in Fig. 5.16b. Since the parallel clay
particles cover essentially all of the area of the platens
facing each other, the stress between particles is 14.7 Ib/
in.* and, from Bolt's data, are a7 a spacing of about 115 A,
In other words, the stress carried by the clay particles is
cssentially the rame as thal carried by the platens, Further,
the particle spacing and interparticle stress are related
such that the greater the stress between the particles the
smaller the spacing, A stress of about 80,000 [bjin.® is
required to foree the two montmorilionite particles inta
mineral-mineral contacl, thereby squeezing out the
adsorbed water between them.

Next the platens are coated with sund particles, as
shown in Fig 5.16c. Each particle has a diameter of
approximately 0.06 mm. For such a parallel array of
particles between the platens, the stress at paints of con-
tact between the sand particles is equal to the force divided
by the actual contaet area. Measurements of this contact
area show that typically it is approximately 0.037 of the
toial area. Thus contact stress is equal to 14.7 divided by
0.0003 in.®, which equals approximately 49,000 Ib/in.2
This éontact stress is high enough to exirude the adsorbed
water,

The example in Fig. 5,16 illustrates the fact that normal
stress can be transmitted through a highly dispersed clay
systern by long-range ¢lectricul stresses, and there is no
direct mineral-mineral contact betwesgn the particles. On
the ather hand, in a focculated soil, such as that shown
in Fig. 5.15a or 5.15h,.the particles are effectively in
mineral-mineral confact and the normal stresses are
transmittzd in a fushion similar Lo that for the sand
system shown in Fig. 5.16c.

The particles mn 2 natural soil are not the same size and
shape as the calloiddl theories assume. Nearly all natural
soils contain particles of muny shapes and many sizes,
and almost all soils contain particles of different com-
positiensand impurities. Silt-sized particles occur in most
natural clays and these nonplate-shaped particles affect the
arrangements of the plate=shaped particles. Moreaver,
even the plate-shaped clay particles do not in general have
perfectly smooth surfaces. For example, irregularities
can be seen on the surface of the kaolinite particle shown
in Fig. 4.4a. Suchirregularities may be 100 A high, which
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Fig. 5.16 Stress transmission through soil.

is equal to the distance over which significant long-range
clectrical forees can acL,

Thus the mechanism of siress transmission between
soil patlicles in natural clays must lie between the extreme
situations of equidimensional particles and ol parallel
clay particles. The behavior in general is nearer 10 that
ol soils with sguidimensional particies.

Because of these difficulties, and because the theories
neglect certain foroes which probably are important when
the particle spacing fs less than 100 A, the principles of
colloidal chemistry huve been of very little quantitative
help in the study of clay behavior. The colloidal prin-
giples are, however, very useful 1o the civil enginger in
helping 1o give mn understanding of the [undamental
hehavior of fing-grained soils.

56 SUMMARY OF MAIN POINTS

I. Every soil particle earries an electrical charge on its
surface and therefore attracts ions to this surface in
order ta achieve overall electrical neutrality.

2. These ions in turn attract molecules of water and,
|1 addition, water is attracted directly to the surfaces
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of soil particles. Hence all soil particles tend to be
surcounded by a layer of watsr,

. Farczs of attraction and repulsion act between all

soil particles, but again are more important (with
respect to the weight of the particies) w fine-
grained soils. These forces affect the way in which
particles are arranged durmg ssdimentatipn -and

can cause fine-grained soils 1o have a very open

minerd| skeleton of lew unlt weight.

. Factors such as temperature and ion concentration

in the-pote witsr have an influsnce on the forces of
altraction and repulsion between particles, and
hence the environment of deposition can have an
influence on the way that the particles are arranged
during deposition.

- In sois composed of equidimensional particles,

stress is transmitled through the soil by means of
minerai-mineral contict forces. 1n soils camposed
solely of small clay piatelets oriented lace-lo-face,
stress 15 transmitted throvugh leng-range electrical
stresses, and parlicles may be a:;muteu by distanees
of 100 A or even more. Stress transmission through

natural clay soils lies between these extreme situa-
Lions,

PROBLEMS

5.1 Estimate the specific surface in units of square melers
per gram for the sand in Fig. 4.2a. Take the specific gravity
equal to 2.65.

5.2 Compute the ton exchange vapacity in units of
me/100 g for kaolinite having isomorphous substitution of ene
Al for every Tour hundredth Si.

5.3 For the kaolinile particls shown in Fig. 4.42 compule:

a. Tle total surface areu,

&. The specific surface in m¥/g:

¢ The surface prea (in A% per unit charge from iso-
morphous substitution.

d. The number of sodium ions required 1o satisly the jon
exchiznge camputéd in Problem 5.2,

Thi specific gravity of kaolinite is 2,62,

5.4 1If calcium chloride were added 1o the wet clay in Fig.
5.164, would the plaiens move together or apart? Why?

55 1f the conlact stress required to crush quartz is
1,000,000 psi, what force would have to be apph:d lo the
platens in Fig. 5.16¢ to crush yuartz sand




CHAPTER 6

Shear Resistance between Soil Particles

This chapter congiders the fundamental nature of shear
resistance between soil particles. Section 6.1 discusses the
mechanism of shear resistance n general terms and
indicates its lypical magnitude, Sections 6.2 10 6.5 pre-
gent a more detailed treatment for those who wish to
detve more deeply into the subject,

6.1 GENERAL DISCUSSION OF SHEAR
RESISTANCE BETWEEN PARTICLES

Chapter 2 stated that relative sliding between particles
is the most important mechanism of deformation within
a s0i] mass. Hence the resistance of seil to deformation
is influenced strongly by the shear resistance at contacts
between particles. A knowledge of the possible magni-
tude of this shear resistance, and of the faciors that
influence this resistance, is basic to the mastery of soil
mecharics,

It must be emphasized that the shear resistance between
mineral surfaces is only part of the resistance of a soil
mass to shear or compression, Also very important is
the interlocking of particles, which {5 [argely a funetion
of packing density. Interlocking is treated in Part 11
The fundamental considerations of thischapter, however,
apply no matter how the particles are packed.

Mechanism of Shear Resistance

The shear resistance belween Lwo particles is the force
that must be applied lo cause a relalive movement
between the particles. The soures of the shear resistance
is the attractive forces that act amang the surface atoms
of the particles. These attractive foress lead to chemical
bond formation at points of contact of the surfaces. Thus
the frictional resistance berwesn two particles is funda-
mentally of the same nature as the shear resistance of a
block of solid, intact material such as stzel.

The strength and the number of bonds that farm at the
interface between two particles are influznced very much
by the physical and chemicul nature of the surfaces of the

particles. Hence an understanding of the magnitude of
the shear resistance between particles involves an under-
standing of the faciors that influence the inferaction
between the two surfaces at their points of contact, A
detailed explanation of this interaction effect is presented
in the later sections of this chapter. However, we can
summarize the interaction effect by saying that the total
shear resistance (the product of the strength of each bond
and the total number ol bonds) is proportional to tlis
normal force that is pushing the two particlzs together,
I[ this normal force decreases, either the strenpth or the
number of honds deereases, and thus the tomal shear
resistance degregses. Hence we say thal inlerparticle
shear resistance is frictional in nature.

There are gome sitvations in which part of the rotnl
shear resistance between particies {3 independent of the
normal force pushing the particles together; Le., even il
the normal foree is decreased to zero there is stll a
meusurable sliear resistance. In such cases, we say that
there is 1r¢ ealiesion hztween particles. True cohesion
can develop between soil particles that have remained in
stationary contact over U long period of time. In some
cases this trug cohesion ean be very important, a5 when
cementation turns sand into sandstone.  Generally,
however, the magnitude of true cohesion between par-
ticles is very smull, and its contribution to the strength of
i soul is also very smull, Later chapters of this book will
discuss a few of the situations in which trile cohesion
between particles is important. The reader should regard
frictional behavior as the normal situation for soils and
cohesive behavior das the exception.

Two alternative ways of expressing frictional resistance
are in common use. The first is to use the coefficient of
friction f. Thus, il N is the normal force across a surfaee,
the maximum shear foree on this surface is T, = Nf.
The second is to use a friction angle ¢, defined such that

gy = [
The geometric interpretation of ¢, is shown in Fig. 6.1,
61
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Fig. 6.1 Definition of [ziction angle ¢,

6.2 FUNDAMENTALS OF FRICTIONAL
BEHAVIOR

Basic Laws of Friction
Ther= ate two basic laws of frictional belavior:

1. The shear resistance between two bodies is propor-
tional to the normal foree between the bodies.

2. The shedr resistance between twe bodies is inde-
pendcnt of the dimensions of the two bodies.

The second [aw can be illustraled by pulling & brick ever
a fint surface. The pulling force will he the samp whether
the brick rests on a face or on un edpe.

As is the case with many of the "laws" of science, the
“jaws of friction™ merely state the result of many
empirical ohservations. Exceptions to these rules o
easy to find. Nevertheless, they remain a good starting
point for understancing frictional behavior. These laws
were first stated by Leonardo da Vinei in the late 1400z,
lurpely forgotten, and then rediscovered by the Franch
engitieer Amontons in 1699, They ars ofien called
Amonlons’ laws.

Mechanism af Triction

The basic explanation of the lriclion process is embod-
led in the following statements:

. On 2 submicroscopic scale miest surfaces (even care-
fully polished ones) are actuully rough, hence two
solids will be in contact anly where the high points
{termed asperitier) touch one anather; ie, actusl
contact is a very small [raction of the apparent
cantact area (se= Fig. 6.2).

2. Because contact occurs at discrete sites, the normal
stresses across these contacts will be extremely high
and even under hght Joading will reach the yeld
strength of the material at these sites. Thus the
actual area of contact A, will be

I
R (6.1)

qu
where & is the normal load and q,, is the normal
stress requited to cause yielding (L.e., plastic flow).
Since g, is fixed in magpilude, an increass in Lotal

normal Joad between the bodies must mean g pro-
portional inerease in the area of actual contact. This
increase is a result of plastic flow of the asperities.

3. The high contact stresses cause the two surfaces to
adhere at the points of actnal contact; ie., the two
bodies are joined by chemicel bonds. Shear resist-
ance is provided by the adhesive strength of these
points. Thus the maximum possible shear force
Tiowx 15

Tax =54, (6.2)

where 5 is the shear strength of the adhered
junctions and A, is the actual area of contactd
Dor the moment, we will not say whether or not
s i equal to the shear atrength 5., of the materin)
comnposing the particles.

Combining these [d2as leads lo the relation

Trus =N = (6.3)
L
Since s and g, are material propertics, Trax is propor-
tional te &, The friction factor f should equal the ratio
5w
Terzaphi (1925) stated this hypothesis in his pioneering
book on seil mechanics.® but his ideas on this subject
were overlooked for many years. The hypotbesis was
independently stated and shown to deseribe the frictionzl
behavior of a wide variety of materials by Bowden, Tabar,
and thewr colleagues starting m the late 1930¢ [see, for
cxample, Bowden and Tabor (1930) and (1964)]. It is
ealled the Adhesion Theory of Friction and now serves
as the starting point for essentially all friction studies.
The [ollowing paragraphs will discuss its applicabilily to
the friction of soil minerals.

Fig. 6.2 Microscopic view of [rictional resistance,
No= ENi = zdﬂ?u
T = E“ri = E"{cf"_m
T Tok

“ N fa
s
Ay is the area of mincral-mineral contact, The texm A, 5 also
used far 1Ris area.
*An English version of this section of Erdbawmechanik is in
Terzaghs (1960),
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Fip. 6.3 Profile of “smooth" guariz surfaces, (a) Surface traces. Secale: vertical, | division =

5

% 107%in.; horzonial,

1 division = 2 % 107%in. (&) Center line everape roughness in 10 in. (From Dickey, 1966.)

Surface Roughness

Various techniques can be used to measure the rough-
ness of o surlnce. For example, o shirp dicmond stvlus,
called a “profilometer”, may be siid scross the surface
and measurements made of the up and down movement
af the stylus. Figure 6.3 shows the trace made by such
an instrument es it moved nacross two “'smooth™ quarie
surfaces (Dickey, 1966). The surfaces had been grounc
with a very fine diamand wheel (600 grit) end appeared
1o be mirror smooth. However, the profilometer shows
the surfaces 1o be composed of pezks and valleys having
un average height of 2 uin. (about S00 A),

It should be noted that the horizontal sensitivity of the
profilometeris 1000 times less than the vertical and there-
fore the asperities were not really jegged, as the trace
seems to indicate. Rather, they were very flat, as shown
i Fig, 6.4, which is 2 true-scale drawing of one of the
asperitics. Figure 6.4 also shows & typieal asperity fram
& “rough” quartz surface, prepared by grinding with a
No. 220 grit diamond wheel. The average roughness of
this surface wis abour 20 pin. The asperities were sharper
than for the smooth surface, but they were sull guite
pentle, having an average included angle of about 120°%
Both of these surfaces are probably smoother than the
surfaces of most granular soll particles.

Magnitude of Confact Stress

When twa surfaces are brought into contact they will
be supported nitiully on the summits of the highest
aspenities, As the normal load is increased, the “hearing
capacity” of the contacting asperities will be excesded
and they will deform plastically. The magnitude of stress
required 1o cause plastic flow s termed g, 1t can be
determined by indentation hardness measurements.”

Far quartz, whh 7 hardness of about 1100 kg/mm®
{(Brace, 1963), the stress on an asperty must exceed
1,500,000 psi to produce plastic deformation. Whether
or not this stress is reached for a significant number &f
asperities in a granular soil mass is not known, but it
seems likely that itis. Mg, is not reached, the asperities
deform elastically, and then the behavior becomes quite
different, According to the Hertz contact theory (sce
Bowden and Tabor, 1964} the contact area A, increnses
as N3 Thus the coefficient of friction will prebably
docrease with increasing lead. Such behavior has been

A Indzmation hardness 1s measured by pushing @ suitebly shaped
indenter into-2 fial tesi surface. The high confining stresses that
develop araund the tip of the indenter innibiv brittle froclure in o
materfal such & guartz, The analogy between this fest and the
‘asperity contacts between twa siirfaces is evident. The indentetion
hardness is defined as 1he normal joad on the indemer divided by
the residual deformed arca afizr the indenter i remaved,
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Fig. 6.4 Typital aspentics on yuartz surfuces,

abszrved for a diamond stylus on a fiat diamond plate.
Diamond is elastic even under the very large stresses
develpped al asperity centacts (g, for dimmond i§ esti-
mated fo be greater than 15,600,000 psi). However, the
complex contnet conditions between two surfaces that
have a very large number of asperities ean lead to a nearly
constant ¥alue of [ even thoush the mdividual asperities
are deforming elastically (e, sse Archurd, 1957).

Shear Resistunce at Points of Contact

In Chapter 5 it was pointzd ont that water and other
materials ire attracted to the surfaces of minerals, where
they are adsorbed and act as 2 comaminating layer. When
two such contaminated surfacss are put together, the
amaount of actual solid-to-solid contact will be influenesd
by the type and amount of adsorbed material, as shown
in Fip. 6.5.

The mast important influence of the surface contam-
thutils s 1o make the junclions weiaker in shear than is
ihe bulk salid  If the surface conlaminanis are removed,
e.g., by heating the surfuces in a high vacuum chamber,
the shear strength of the junclions approaches that of Lhe
bulk solid. This causes the coefficient of friction to
inerense. Under these conditions, ductile metnisunderan
a process known s junction growil, whereby the con-
tacting asperilies undergo large-scale plastic deformations.
This leads to the phenomenon known as cold welding,
which produces extremely high coeffitients of friction
(/1) Mincrals and other brittle materials do not
exhibit the Inrge-scale plastic flow onder shear stresses
that Is required for junction growth and hesce do nol
eold-weld.

LEffect of Surface Roughness

The Adhesion Theory implies that friction is independ-
ent ol surfoce roughress. For metals this is found to be

the case over a wide range of surface finishes. However,
as surlaces become very rough, asperity interlocking may
increase the value of £ It is difficult 1o define enactly
what is “very rough'. The frosted appearance of mosi
granular soil particles indicatss that they are rough
Electron photomicrographs indicate that muny sheet
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Fig. 6.5 The development of junctions. (2) Unloaded
condinon. (b) Light normal lord. [c) [nereased neriial load ;
plastic flow at contact with constant normal siress,




minerals, on the other hand, have “supersmooth™ sur-
faces. By assuming an average slope of angle & for the
asperities, the effect of surface roughness on the value of
[ ¢an be estimated (s¢e Problem 6.4).

Because the contact sitnation between two real surfaces
is so complex, generally it is not possible to determine a
value of 8 1o use for predicting f, Hence the relationship
between {riction and surface ronghness must be deter-
mined experimentally.

Static Versus Kineti¢ Frietion

The shear force requirzd to initiate sliding between two
surfaces is often greater than the force required lo main-
tdin motion (ses Fig. f.6a). That is, the static [ction
exceeds the kinetic (sliding) friction. This behavior is
usually explained by assuming that bond formation at
the junctions is time-dependent, either because creep
causes gradunl increases in the contact arca or because
the surface contaminants are gradually squeezed out from
within the junction,

The dilference between the static and the kinetic fric-
tion often leads ta the phenomenon known as sifck-slip
(Fig. 6.66). When stiding begins, part of the stored ¢lastic
energy in the Joading mechanism is released, accelerating
the slider and causing the measured shear force to drop
below that required to maintain motion. The slider then
stops and the shear force must be increased to the value
associared with the static friction to induce sliding again,
When sliding begins the whole procedure of intermittent
motion is repested. Under these conditions, one cannot
determine accuratgly the vilue of the kinetic coeflicient
of friction.

Rolling Friction

When one body is rolled over another, junctions form
at the contact points just as when two bodies fire pressed
togetner. As therolling body moves on, these junctions
are broken in tension, not in shear. Due to slastic re-
bound as the normal forcz goes to zero, the strength of
the junctions in tension is usually almost zero, This
explains why the adhesion bstween two surfaces that are
pressed together is not generally observed—it only acts
when the surfaces are under a compressive load. Henee
rolling friction is generally quite small (f 0.1} com-
pared 1o static and sliding friction, and is essentially
independent of surface Claaniness.

Summary

Section 6.2 has presented the [undamentals of frictional
behavior: emphasis has besn given to the following con-
cepts, which are necessary in order 1o develop a guantita-
tive explanation of ohserved frictional behavior:

{. Therouzhnass and irregularity ol apparently smooth
surfaces:
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Fig. 6.6 Starting and kinctic friction. (a) Smooth sliding.
(b) Slip-stick. Nore. Shear displacement applied al constant
rate through load cell with some flexibility; surfaces move at
constant rate orly during smooth shdimg

2, The very low ritio of actugl contactarea Lo apparent
COntact nres

3. The lasiic fow that oceurs at actunl contact poimls.

4. The adheston that occurs belween two surfaces at
the actual contact points.

5, The weakening influence of surface contaminants bn
the strength of this welded junciion.

These cancepts will now be used 10 explain the observed
frictinnal behavior of soil minerels.

6.3 FRICTION BETWEEN MINERALS IN
GRANULAR FORM

This section will treat metion betwesn nonsheet miner-
als such as quartz, the [feldspars, and caleite—those
minerals that make up granular particles of silt size and
larger. The following section will treat the bebavior of
shest minerals. The friction of minerils has not heen
studied nearly as intznsively as has the friction of metals.
Therefore much of what [ollows is based on hinuted data
and must he considered speculative.

General Nature of Contact

Particles of coarse silt have a minimum diameier of
0.002 em {20 jror 200,000 A). The diameters of these and
larger particles are clearly lurger than the height of the
asperities (about 1000-10,000 A) that may be expected
on the surfaces of these particles. Consaquently, we
would expect that each apparent point of contiact between
particles actually involves many minute contacts:

The surfaces of these soil particles are, af course,
contaminated with water molecules and various ions and
possibly other muterials, These contaminants are largely
squeezed oul from between the actual points of contact,
although some small quantity of contaminanis remains
te influenes the shear strength of the junctions.
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The minimuni diameter of fine silt particles s 2 g or
20,000 A. Such small particles have dimensions of the
same order @s the height of the asperities on larger
particles. For these small particies it makes more sense
10 talk about “‘corners” rather than asperities. Although
thz general nature of the frictional resistance is tha same
for either large ar small grinular particles, an apparent
coniact between very small granular particles may, m
fact, consist of only one actual contact goint

The testing systems shown in Fig. 6.7 have been used
o determine the [nctional resistance for minerals. When
fixed buttons or sliding blecks are used (Fig. 6.7q) the
results give the static (and perhaps kinelic) coefficient of
foction. When many sand particles are pulled over a
flat surface (Fig. 6.78), the results geaerully reflect some
combination of sliding and rolling friction. Hence the
friclion factor as measured by the second type of test
involving miany particles may be different from the value
measured by the first type of test.

Effect of Surface Watler and Surface Roughuess

Figure 6.8 summuarizes the friction fctors observed for
guartz under varying conditions ol surface cleanliness,
humidity, and surface roughness. The results show that
the friction of smooth quartz viiries [rom about f= 0.2
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Fig. 6.7 Devices for measuving friction foctor of mineral
surfaces. (a) Sliding an buttens or on block. (B} Shding of
miany particies,
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‘Fig. 6.8 Friclion of quartz [alter Bronwell (1966) and Dickey

(1966)].

tof = 1.0 depending on the surfice cleanliness.® For the
more contamunated surfaces, water increases the friction

fe., it acts as an antilubricant. However, for carelully
cleaned surfaces, water has no elfect. This indicates that
water is intrinsically neutral on quartz. But if there is a
contaminating layer (probably a thin film of organic
material) the waler distupts this Jayer, reduces its effec-
tivencss as a Jubricant, and thereby increases the friction.

As the surfaces get rougher the cﬁ'ect'; of cleaning
procedure on friction decrease, so that a “very rough"
surface of 60 uin. (about 15,000 A) gives essentially the
same valuz of {independent of surface cleanliness. This
indjcates that the ahility of the contaminating layer to
lubricate the surfaces deereases as the surface roughhess
increases, This is what we would expect for & thin
tubricating layer which acts as a boundary lubricant
{Bowden and Tabor, 1964):

The [act that the raugher surfaces do not give higher
vatues af friction when they are carefully cleaned is more
difficult td explain. The evidence ssems to indicate that
the rougher surfaces cannot bhe cleancd as effectively as
smoath surfaces, although the reason for this is not clear,

From a practical point of view, the essentially constant
value of F = 0.5 (b, = 26} far very rough quartz surfaces
is of grent significance, since essentially all quartz particles
in natural soils have tough surfaces.

Values of friction for other nonshest minerals are
simmarized in Table 6.1. The lew values of f for these
minerals in the air-dry condition probably have no

UThesé resulls were obiained on mround surfaces [Dromwell (1366)
and Dickey (1966)]. However, the trend of the rosuits gmcruﬂ)
Supporis the dats and conclusions of previous tesis, which were
ususlly fun on polished surfaces [sec, for exomple, Horn and
Diecsre (1962)],




Table 6.1 Friction of Nonsheet Minerals

Conditions of Surf.'ace Moisture

Oven-Dried ;

Mineral Oven-Dried Air-Equilibrated Saturated
Quartz® 0,13 0.13 045
Feldspar 0.12 0:12 0.7
Calcite 0.14 0.14 0.68

Notes, Tests run on highly polished surfaces. Data
from Horn and Deers (1962).

® For effects of surface cleahliness and surface rough-
ness on the friction of quartz, see Fig. 6.5,

practical significance, since they represent ineffective
clzaning of smoath, polished surfaces. Much more data
are nezded for these other minerals before one can con-
fidently choase / values,

Effect of Normal Load

The measured friction factors for nonshest minerals
have been found to be independent of normal Joad.
Based on tests in which the normal load per contact varied
by a factor of 50, Rowe (1962) reported that the fnerion
angle ¢, remained canstant within 17

Oa the otherhand, Rowe's results show that the friction
angle ¢, is afTected by Lhe size of the particle involyed in
the test (Fig. 6.9). Rowe used the test procedure shown
in Fig. 6.7b. For a given total normal load, the normal
load per contact increases as the particle size increases.
However, since the particle diameter in this case nlso
increases, the average contner stress (N/4) did not
change. Therefore arguments involving elastic deforma-
tion do not appenr adeguate (o explain thess data, One
possible explanation is that the larger particles are able
to roll mare easily than the smaller particles, perhaps us
a result of their center of pravity being further away from
the plane of shear. Hence the measured friction angle,

which invalves both rolling and sliding companents, s

smaller for the larger particles.

6.4 FRICTION BETWEEN SHEET MINERALS

We are interestéd in minerals such as mica primarily
because the {rictionz! beha.ior of such minerals may de
similar to the frictional behavior of clay-size particles.t

General Nature of Contact

Surfaces of mica do show irregularities, but in the form
of mesas and plateaus rather than in tie form of asper-
ities. Moreover, the seale of these frregularities is quite
% Data from M1 T, and from the Morwepian Geotechnical Institute

have been obtained on (he friction angle ¢, betwesn clay particles.
Values as law as 3° have heen recorded,
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Fig. 6.2 TFriction angle of quanz sands as function of grain
size (after Rowe, 1962},

different from that existing on the surfeces of granular
particles.: On fresh cleavage surfaces, the “steps™ are
only as high as the thickness of several repeating sheet
units (about 10-100 A). In the words of Bowden and
Tobor (1964), the cleavage surfaces "' -« are molecularly
smooth over large arcas.”” Compared (o the surfaces of
gsmooth quartz parficles, [resh cleavage surfaces ars
“supersmooth”. There are reasons to kelieve that the
surfaces of clay particles are similar. Unforunately, the
fundamentnls of frictional resistance belween super-
smooth surfaces hive received relauvely httie study, and
henee the following explanations are still [argely specula-
live.

Two cleavage faces of mica give quite o different con-
tact than do surfaces with asperities. Mica, and pre-
sumably clay, surfaces shuuld come into close praximity
pver almost their entire arca, but thzy may not setually
come inio direct contact. The contaminants on the sur-
faces, including ndsorbed water, are not squeczed out
from between the surfaces unless the normal stress

exceeds about 80,000 psi. Rather, these contaminants

parlicipate in the transmission al the normal stress, us
described in Chapter 5.

A mare normal situation for clay particles is probably
some sort of edge-to-face orientatipn. This type of con-
tact is more nearly similar 1o the asperily contucts

diseussed for granular particles, except that in the case of

clays, each coniuct prabably consists of only one
“asperity’.

I still remains to discuss whether the shear resistance
between very smooth surfaces |s gretter or less thun the
resistance between rough surfaces. To answer this, we
must turn to experimental data.*

Effcet of Surfuce Waler

The data in Table 6.2 show that the water acts as a
lubricant. A possible explanation for this behavior is as
follows. In the oven-dried conditian the surface ions dre
not completely hydrated. The actual mineral surfaces
come close together, and the bonding is strong. As water
is introduced, the ions hydrate and become less strongly

& These data-come primarily from Horn and Deere (1962).
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ltached (o the mingral surfaces. Hence Lhe shear resist-
ance drops as water is introduced.

Itis important Lo contrast the role of the contaminants
for the cases of very stnooth and rough surfates, With
rough surfaces the conlaminants serve (o weaken the
crystalline-bond, and increasing the mobility of the con-
taminants with water helps get them out of the way and
fence minimizes their adverse {nfluence. With very
smeoth surfaces the contaminants are actually part of the

Table 6.2 Friction Factors for Severnl-Loyer Lottice
Materizls Under Varying Conditions of Humidity

Condition of Surface Moisture

Oven-Diriod;
Oven- Air-

Mineral Dried  Equilibrated  Salurdled
Muscovite mica 043 0.30 0.23
Phlogopite mies 031 n2s 0.15
Biotite mica 0.31 .26 013
Chlerite 0.53 0.35 022

Notes. Starting and moving lriction identical. Data
from Horn and Desre-[ 1962) '

mineral, and increising their mobility decreases the shear
resistance,

In the saturated condition the frction angle between
sheet minerals can be low. Sincecloy minerals are always
surrounded by water in practical situations, it e impor-
tant to test these minerals in the satursted condition.

Slalic and Kinelic Friction

The kinetic friclion of e sheet minerals Is preater
than 90% of the static frction and usually equals it. The
slip-stick phenomenon has not heen observed with these
mugrals, The fnclon Tactors of muca increase about
25%4 when the rate of sliding is increased from 0.7 to
6.0in /min  Because the adhesive bonding is rolatively
weak in the cuse of these minerals, and the ions through
which the bonding ocsurs are relatively free to move, this
relatively small time effect is ta be expected.”

Variation of Friction Angle with Normal Toad

For the usual range of narmal loads used, the friction
anple of these minerals appears to be constant. However,
nothing 15 known concerning the possible vaniation with
very large changes in the normai load,

= Mitclhiell (1964), by invoking rate process theory, has provided
an excelient deseription of the mechanisms imderlying this: time-
dependent behavior of clay minerals.

6.5 MISCELLANEOUS CONCEPTS CONCERNING
SHEAR RESISTANCE BETWEEN MINERAL
SURFACES

Al the present time, we are still not sure of the extent
to which the theory in Section 6.4 may apply to shear
resistance between clay particles. However, it is shawn
in Part 1V that many natural clay soils, sspecially those
in which montmarillonite ‘and illite arc important con-
stituents, have shear resistances that-ara compatible with
ths theory.

The larzer a particie, the greater the likelihood that
there will be surface irregularities of any consequence.
For example, cleavage steps can be seen on the surface
of kaolinite platelets, as shown in Fig. 4.4a, which are
on the arder of 100 A in height. Hence, when platelets
of kaolinite are in a Jace-to-face configuration, it is
certain that aetual “contact' occurs only over part of
the apparent contact surface, and unless the platelets are
peefectly aligned it sesms likely thal conlact is confined
1o relatively small zones right at the cleavage steps. As
thus situation develops, it is likely that the mechanism of
shear resistance, and even the magnitude of shear resist-
anee, becomes more and more analogous ta the behavior
of granular particles. The same would be true when
particles came together in edge-to-face orientation.

Present knowledge reparding interpsrticie friction in
seils can be summarized as {ollows:

1. The frictional behavior between granular particles
is reasonably well understood.

2 The theory for sliding between ideal clay plalelets
probably applies to the smaliest of clay particles'in
face-to-face array,

3, The mechanism of shear resistance in natural clay
lics between the twao extremes of granular particles
and parallel clay plaisiets, ofied neater to that of
the granular particies,

True Cohesion between Clay Particles

Cur study of the fundamentals of frictional behavior
has helped us to understand (he possibility of a true
cohesion develaping hetween clay particies. 17 clay
platelets are in edpe-to-fuce contact, there is & good
chance that a true cohesion will develop, especially if a
bonding has been developed over almost all of the area
of the epntact.

The discussion in Chapter 5 has alrcady suggested that
clay platelets in face-to-face cantact mey be pushed
together so tightly that they will not move apart when the
load is removed, Such an occurrence cerlainly repre-
sents frue cohesion, and a new and thicker particle has
in‘effect been created by this process. Time, weathering,
and desiceation contribute to true cohesion.



6.6 SUMMARY OF MAIN POINTS

The foregoing discussion shows that it is very difficult
to say just what the particle-to-particle friction factor
will be for any particular case, Hence the main results
of this chapter can be summarized in terms of some
seneral principles and a range of possible shear resist-
ances.

1. The shear resistance between particles is previded
by adhesive bonding at the points of contact,

2. The shear resistance is determined primarily by the
magnitude of the current normal load, so thut the
overall behavior is frictional in nature.

3. For quartz the friction angle &, is generally in the
range of 26° to 30°. Because the surfaces of such
particies are rough, the presente or absence of
water has little or no effect on the frictional resisi-
ance. Tnefriction of other nonsheet mincrals has

. received less study and typical values cannot be
giver.

4. For parallel elay particles whose fuces are “super-
smooth”, the friction angle may bs below 8°
and may typically be about 13%. The bonding oceurs
over a rather large arca but is relatively weak
and may be somewhat time-dependent.

5. Fer most natural clays the frictional resistance 15
probahly nearer that of granular particles than of

~ parallel colloidal particles.

6. True cohesion can develop bétween particle sur-
faces. The trus cohesion at any one contact is
generally small, so that the overall effect 35
impartant only when there are many contacts—
as in clay soils. Such bonds are most likely 1o
develop at edge-to-face contacts and can be
broken hy very small strains,

7. The particle-to-particl friction angle ¢, is but one
of the factars which contribute to the strength
of an actual soil. Other factors such as interlock-
ing of particles will be discussed in later chapters.

PROBLEMS

6.1 Derive the equations that lead to the following resulis:

e. fisindependent of N for materiais that deform plastically.
b, fis a function of normal load for elastic materials.
State the necessary assumptions for cach cquation.

6.2 The diameter of the contact aren betwesn twd elastic
solids (Fig. P6.2-1) is given by

e Fw ~ ) o Rk v
E Ry, + R,

+ = Poisson's ratio = 0.31 for quartz
E = Young's modulus = |1 = 107psi [or quarlz
N = narmal lead

Ry, Ry = radii of curvatre
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Fig, P0.2-1

a. Develop a relationship for the average contact stress
{N]A) between two duartz spheres of equal radivs.

b. Consider a system of dry silt-sized material. If the
particles are perfect quariz spheres of radius 0.005 mm in 3
cubicarray (sce Fig, '6.2-2a), what all-around confining stress
must be applied to cause plastic yielding? (Plastic yielding for
guartz occurs at a normal siress of 1,500,000 psil]

Hint. Consider & horizontal plane through the system
(sec Fig, P6.2-20) and calculate the contact area on this
plane for various values of confining stress,

c. It each sphere in part (a) is not perfectly smooth but
contacts 1is neighbors on oneasperity which has a tip radius
of 1000 A, what must the confining stress be to cause plasiic
deflormation?

d. Anactuilsilt may be expected to give plastic deformation
al the contacts at some value of confining siress between the
values given by parts (b} and (e}, Why?

¢ Would the stress required 10 cause some plastic yielding
be greater for a loose or a dense ilt? Explain.

6.3 Consider 2 flocculated clay made wp of phatelike
particles 1 o tong ¥ 0.1 u wide ® 0.01 p thick, The void
ratie is 2.0 and G, = 2.70.

a. Cajeulate the number of particles per umit volume.

b. The number of parricles contacting & unit grea may, be
gssumed equal to (no-funit volume)?™.  If cach particle
makss two stress-carrving comacts on a horizontal plane,
what is the number af coniacts per bnit ared?

¢ If each particle-particle contact s assumed to bé an
pdge-to-face contact with the edge taken as a spherical
indenter with radius 0,01 yi, what effective confining stress
must be applied to the clay 1o cause plastic yielding? Use
same elastic constanis as for quartz, but assume plastic flow
starts at N4 = 1,000,000 psi

0.02 mm

2
I“* 002 mm—-l

(u) (5

Fig. P6.2-2
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I ,

Fig. P6.4

6.4 The asperitics on the idealized surface shown in
Fig. P6-4 are inclimed at an engle 8 to the direction of sliding,

a. Derive a relationship for the honzantal force Frequired
lo initiate motion. Express F in lerms of M, §; and ¢, (the
friction angle for a surface with 8 = 0).

b. Caleulate the eoeffecient of friction for the soriaces
shown in Fig Ped il ¢, = 15" [or & guarlz surface with
# = 0. Discuss the validity of this calculation.

6.5 Three clay-waler mixiures compaosed of Hocculated
platelike particles have the particle dimensions and void atio
given i following table:

Mixture Particle Dimensions (u)  "Void Ratio
A 10 % 10 % 1 1
B L %1 %005 2
c 0.1 % 0.1 % 0,001 5

IT the net attractive stress at particle conlacts under zero
norrmal load were equal lo Fwhere

F{dynes) = 10-* particle thickness (Al

compute the cohesion (lensile siress) which must be overcome
in order to pull apart the threz mixtures. Nore: Use the
approach in Problem 6.3 to obiain the number of conlagts
per unit area.

Amswgrs
System ¢ (kglem®)
A 0.06
8 036
G 1.32




CHAPTER 7

- Soil Formation

Based on its method of formation, a soil is sediniensary,
residual, or fill. In sedimentary seil the individual par-
ticles were created at ene location, transported, and
finally deposited et another location. A residual soil is
one formed in place by the weathering of the rock at the
locdtion, with little or no movement of the individual soil
particles. Fill is a man-made sail deposit. These three
types of soil are discussed in order in this chapter.
Preceding this discussion is & consideration of the concept
of “structura”, which will be used in the presentation of
the seil typzs.

7.1 SOIL STRUCTURE

The term soil structure refers 1o the orientation and
distribution of particles in a soil mass (also eulled “labric™
and “architecture’) and the forces between adjacent soil
particles. This discussion Ju limited primarily to small,
platesshaped particles and to the orientation of individual
particles, The arrangement of larger particles is con-
siderzd in later chepters. The force component ol soil
structure refers primarily to those forces that are gener-
ated within the particles themselves—electrochemical
forces. A

The two extremes in soil structurs, us jlustrated in
Fig. 7-1, are floceulated structure and dispersed structure.
In the Rocculated structure the soil particles are edge to
face and attract each other. A dispersed structure, on
the other hand, has parallel particles which tend 1o répel
each other, Between the two extremes there is an infinite
number of intermediate stages. At the present develop-
ment of knowledge and of techniques for measuring
oricntations and interparticle forces, there scems little
justification in attempting to define structures between the
two extremes. Thus the terms flocculated and dispersed
are ustd in a general sense to describe soil elements which
have the structurzs approaching those shown in Fig. 7.1.

Chapter 5 discussed the electrical [orces between par-
ticles and introduced the concepts of flocculated and

disperszad. No attempt is made fo distinguish beiween
the two types of flocculation suggssted in Fig, 5.05.

A given soil structure ean ke significantly altered by
introducing displucements beiween particles. Generally,
displacements lend to break down the bonds belweer
particles and to move particles toward a parallel array.
1f thz flocculated structure in Fig. 7.1a were subjected 10
a harizontal shear displacement, the particles would tend
to line up as shown in the dispersed structure on the
right. A compression tends to cause adjacent particles
to move toward a parallel array, probably resulting in
small zones of approximately parallel particles, with an
unlike erientation hetween zones, Physically working an
element of soil unul it becomes homogencous (termed
“remolding™) ténds to align adjacent particlés and to
destroy hands between the particles

The engineering behavior of a soil element depends
very much on the existing struclure. In general, an
element of flocculated soil has a higher strength, lower
compressibllity, and higher permeability than the same
clement of soil at the same void ritio putin a dispersed
state. The higher strength and lower compressibility in
the flocculated state result from the interporticle attrac-
tion and the greater difficulty of displacing particles when
they are in a disorderly arrny. The higher permeability
in the Roccubared soil results from the larger channels
dviilable for flow. Whereas a flocculated element and
& dispersed clement at the same void ratio have approx-
imately the same total cross-sectional area availnble for

@ - ’
(=) &)

Fig 7.1 Types of soil structure. {n) Flocculated. (5) Dis-
persed.

i
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Table 7.1 Eifects of Iransportation op Sediments 2
Water AT lce Gravity Organisms
Siae Reduction through salittion, Considerable Considerahle Considerable Minor abrasion effects
little abrasion in suspenaded reduction grnding and Impact fram direct organic
lond, some abrasion and impact transportation
impacl in traelion load )
Shape and Rounding of sand and gravel  High degres of Angular, saled Anpular, non-
roundness: rounding particles {ea) sphenical
Surface rexture Sand: smvolh, polished, Iinpact produces  Striated surfaces Steiated suifaces
shiny [rosted surlaces
Silt: little effect
Sorting Considerable sorting Very considerable  Very littie sorting No sorting Limited soriing
sorfing
{progressive)

{low, mn the flocculated sail the fow channels are fewdr
in number and larger in size. Thus there is less resistance
to flow through a flocculited seil than through o dis
persed soll.

7.2 SEDIMENTARY SOIL

The Tormation of sedimentary svils can best be pre-
sented by considering sediment [ormation, sediment
transportation, and sediment deposition, respeetively

Sediment Formation

The most important manner of forming sediments is
by the physical and chemical weathering of rocks on the
surface of the earth. Geunerally sili-, sand-, and gravel-
sized particles are formed by the physical weathering of
rocks and clay-sized particles dre formed by the chemieal
weathering of rocks. The Tormation of clay particles
from rocks can takz placs either hy the build-up of the
mineral particles from components in soiution, or by the
chemcal breakdown of other minerals.

Sediment Transportation

Sediments can be transpcarled by any of uve agerils:
water, qir, ice, gravity, and organisms. Transporiation
affects sediments in Lwo major ways: (a) it alters particle
shape, size, and texture by abrasion, grinding, impact,
and solution; (b) it sorts the particles, Table 7.1 sum-
marizes some of the effects of the five transporting agents
on sediments.

Sediment Deposition

After soil particles have been formed and transported
they are deposited Lo form a sedimentary soil. The three
main causes ol deposition in water are velocity reduction,
solubility decreass, and electroiyte increasc. When a
stream reaches a lake, ocean, ar other lnrgs body of
water it loses most of its velocity, The cempetency of
the stream Lhus decreases and sedimentalion resulls, A

change in water femperdture or chemical nature can
result in & reduction in the selubility of the stream, with
& resulting precipiigtion of some of the dissolved load.
Figure 7.2 suggests the soil structure that might result
from & sedimentary soil formed in salt water compared
with one formed in fresh water. #As was shown n Fig.
5.14, the scil deposited in salt water will be more highly
Nocculated and will thus have & much larger vaid ratio
and water contzsnt.

7.3 RESIDUAL SOIL

Residual soil results when the products of - rock
weathering are not lransported as sediments but accumu-
late in place. 1f the rate of rock decomposition exceeds
the rate of removal of the products of decomposition,
an accumulation of residual soil results. Among the
factors infiuencing the rate of weathenng and the nature
of the products of weathering are ¢limate (temperature
and ranfall), time, type of source rock, vegetation,
drainage, rnd bacterial activity.

The residual soil profile may be divided into three
zanes: (@) the upper zone where there 15 a high degree of
weathering and removal of material; (b) the wtermediare
zgire whers there 15 some weathering at the top part of
the zone, but also some deposition toward the bottem
part of the zone; and (c} the partially weathered zone
where there is the transition from the weathered material
to the unweathered parent rock.

Temperature and other factors have been favorable to
the development of significant thicknesses of residual
soils in many parts of the world, particularly Southern
Asia, Africa, Southeastern Morth America, Central
America, the islands of the Caribbean, and South
Amenca,  Aswe ecan infer from this distribution, residual
soils tend to be wmore abundant 1n humid, warm regions
that are favorable to chemical weathering of rock, and
have sufficient vegetation to keep the weathering prod-
ucts from being zasily transported as sediments. Even
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though residual seils are widely spread throughaut the
world, they have received relatively little study from soil
mechanics experts because these soils are generally
located in areas of undeveloped econamics, as contrasted
to the scdimentary soils which exist in most centers of
population and industry.

Sowers (1963) gives the following typical depths of
residual soils:

Southeastern Uniled States 20 to 751t

Angola 251

South India 25 to 50 ft

South Africa 30 to 60 ft

West Alrica 33 10 66 {1

Brazil o
7.4 FILL

The twe preceding sections cansidered the formation
of soll deposits by nature. A man-made soil deposit is
called a fill and the process of forming the deposit is
called filling. A fill is actvally a “sedimentary™ deposit
for which man carried out all af the formation processes.
Soil, termed borrow, is obtained from a source or made
by blasting, transported by land vehicle (such as truck,
scraper, pan, or bulldozer) or water vehicle (barge) or
pipz, and deposited by dumping. The fill can be lelt as
dumped, such as the rock toe in the earth dam shown in
Fig. 1.8 and the hydraulic fill shown in the terminal in
Fig. 1.9, or can be processed and densified—compacied—

as for the core in the dam shown in Fig. LB or the high-
way pavement shown in Fig. 1.E1. The principles of
compaction and the properties of compacted soils are
treated 1n Chapter 34.

7.5 ALTERATIONS OF SOIL AFTER
FORMATION

The civil engineer working with soil must design his
structure not only for the properties of the seil as it
exists at the start of the project but also for the entire
design-life of the structure, He thus needs to know both
the properties of the soil at the start of the project
dnd how these properties will vary during the design-life.
Hoth the size and shape of a given deposit and the engi-
neering properties of the soil in the deposit may change
very significantly. Many ofthese changes occur independ-
ent of man's sctivity, whereas others arc brought about
by the construction activity itself.

The significant changes in engineering behavior that
can and do occur during the life of a soil make soil
engineéring both difficult and interesting. The engineer
soon learns that soil is not inert but rather very much
alive and sensitive to its environment. Table 7.2 lists
the fietors with the greatest ifluence on the behavier
of soil.

Stress

In peneral, an nerease in stresson a soil element causes
aningressein shear strength, a decrease incompressibility,
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Table 7.2 Factors Influencing Soil Behavior

Factors Influencing
Behavior of As-

Factors Contributing
to Changes'in

Formed Deposit Soil Behavior
Sedimsntary soil
Nature of sediments Stress

Methods of transportation
and deposition Time
Nature of deposition

environment Water
Conipacted soil
Mature of so0il Environmenl
Amount of molding water
Amuount and typs of Disturbanes

compaction

and a decrease in permeabllity; & reduclion in stress
cnuses the reverse. The changes brought aboul by a
siress reduction are usually Jess than those caused by o
siress increass of equal magnitude,

During the lormation of a sedimentary soil the tolal
stress at any given clevation continues to build up as the
height of soil over the point increases. Thus the proper-
ties at any given ¢levation in a sedimentary soil ate con-
tinuously changing as the depostt 1s formed. The removal
of soil overburden, e.p., by erosion, results in a reduction
af stress, A soil element that is at equilibrium under the
maximum stress it has ever experienced is mormally
consolidzted, whereas a soil at equilibrium under a stress
less than that to which it wns once consoliduted is over-
consolidated.

There are construction activities that result in an
increase of the confining stress on soil and there are
activilies that resultin a reduction of stress. For exampls,
the embankment shown in Fig. 1.6 caused a very great
merease of vertical stress on the seils underneath the
embankment. When equilibriuny was reached under this
embankment [nad, the soil undernsath the embankment
had become much stronger. On the other hand, the
excaviilion lor the Panama Canal [Fig. 1.12) resulted in
considerable unloading of the soil in the canal and
immediately adjacent to it. This unloading resulted in &
deersase i the strength of the shale immediately adjacent
1o the canal and cantributed to the slides that occurred
along the canal.

Time

Time is a dependent variable Tor the other factors
contributing 1o change in s0il behavior (especially stress,
water, and environmeni), As noted in Chapter 2, for
the lull effects of & stress change to be felt, warer usially
must be extruded or imbiked in the soil element.. Beoause

of the relatively low permeability of fine-grained soil,
time 15 reguired [or this water to flow into or out of this
type of soil. Time is an obvious factor in chemical
reactions such as those occurring during weathering,

Water

As was discussed in Chapter 2, water can have tweo
deleterious effects on soil. First, the mere presence of
wiler causes the attractive forces belween clay particles
to decrease. Second, pore water can carry applied stress
and thus influence soil behavier. A sample of clay which
may have a strength approaching that of a weak concrete
when it has been doed can become mud when immersed
in water. Thus inereasing the water content of & soil
generally reduces the strengih of the soil.

The avuvities of both pature and man' serve (o alter
pore water conditions. In many parts of the world,
there is a very marked variation in water conditions
during the year. During the hot, dry season, thereisa
lack of rain and the ground water level drops; during the
wet season, there is surface water and a general rising of
the pround water. This seasonal varation i water con-
ditions eauses'a marked ehange in soil properties through
the year.

There are many construction operations that alter
oround water conditions. For example, the dam shown
in Fig. 1.8 impounded a reservoir, which subjected the
foundation soils to a great increase in pore water pres-
sure. Not only were the foundation spils given an
increase {1 pore pressure, but many dry soils which had
never been inundated were submerged with water [rom
the reserveir. Construction for the two buildings shown
in Figs. | .4 and |.5 required a lowering of the water table.
This lowering caused a change in the properties of the
subsnils.

Envirenment

There are several characteristics of the environment of
4 soil which may influence its behavior. The two con-
sidered here are the nature of the pore fluid and tem-
perafure. A sedimentary clay or compacted clay can be
formed with a pore fluid of & vertain composition, and
atl i certdin temperature both of these can change during
the life of the deposit. One example is a marine clay laid
down in water high in salt, 35 g of saltfliter of water for
a typical marine environment. A marine clay is frequently
uplifted so that it is above the level of the sea, and the
ground waters percojating through the clay are of much
lower salt content than the sea water. Thus during the
life of the sedimentary clay thers can octur a gradual
removal of the salt in the pore {luid so that, alter many
thousands ol years of leaching, the pore fluid can be
quite different from that a1 time of sediment formation.
As discussed in Chapter 5, reduging the electraiyte con-
tenit of the watar around soil particles can reduce the net




attraction between them. Inother words, leaching of the
sall i the pore fluid can causc a reduction in shear
strength,

The most dramatic example of a reduction in shear
strength brought about from pors water leaching is
exhibited in the “quick clays". These marine clays were
deposited in a highly Aocculated condition. Despite the
resulting high water content, these clays developed &
moderately larpe strength because of the bonds that
formed at the edpe-to-face contacts. These clays then
had most of the electrolyte in their pore fluid removed
by years of leaching. For this new environmental condi-
tion, the clay would tend to, be in & dispersed condition
(see Fig 7.2¢), and for the same water content it would
have very little strength. However, this change does not
show up fully until the clay is subjected to enough dis-
turbancs to break the bonds built up by years of can-
fining stress. Upon disturbance, the clay may lose all of
its strength and become a soil-water slurry with 2ero
shear strength., Thess quick clays have caused many
engineering problems in the Scandinavian countries and
in Canada where they are widespread, The landslide
shown in Fig. 1.13 occurred in a quick clay.

The change in temperature from time of deposit
formation to 4 given time under censideration ean result
in & change of soil hehaviar. Thus & cluy deposited in a
glacial Jake undergoes o general warming during its life.
Further, a soil existing at pgreat depth in the ground,
sampled and brought into the laboratary for testing, may
underpo property changes due to the difference in tem-
perature between the ground and the laboratory.
Increasing the temperature of o cohesive soill normally
causes an expansion of the soil as well as causing some
of the air dissolved in the pore fluid to come out of
solution.

The engineer can see from the discussion in this section
that he must give thought to how the propertizs of the
soil might change during the life of his strueturzs, 2nd not
expect 1o make a proper design solely on the basis of the
properties of 1he soll as it exists prior to construction.
He could be laced with a disastrous fajlure if he designed
his earth dam on the basis of the strengths of the sail
whith exist prior to th construction of the dam. Later
chapters in this book will treat the principles needed tw
select the propér values of sirength, permeability, and
compressibility 1o be used in a given soll prablem.

7.6 SOIL INVESTIGATION

Table 7.3 lists some of the methods of sail investiga-
tion® in general use. The praper progrum of soil inves-
tigation for & given project depends on the type of
project, the importance of the project, and the nature of

! The reader s referred to Terzaghl and Peck (1967) for a more
detailed treztment of soil investipation. )
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the subsoils invalved. Forexample, o large dam projeet
would usually require a more thorough subsoil investiga-
tion than would a highway project, A luriher exumple is
soft clays, which usually require more investigation than
do gravels,

The first four methods of soil investigntion listed in
Table 73 normally cover a large aren and are intended
to pive the snpineer a general picture of the entire site,
Geophysical techniques make possible the detection of

Tahble 7.3 Methads of Soil Investigation

Reconnaissance

Visual inspection

Airphotos

Geologic reports and maps

Records of pasl construetion
Exploration

Cieaphysieal

Flectricul

Pits—sampling and testing

Borings—sampling and testing,
Field 125ts

Penetration tests

Vane tests

Water table—pore pressure 12518

Pumping tests

Lond tests

Compaction tests

markedly differant strata in the subsoils. These 1ech-
nigues permit a relatively large volume of subsoil to be

explored in @ given period of time.

Sampling either [rom pits or from borings followed by
labaratory testing is widely used in soil investigation,
especially for important structures and relutively uniform
subsoils. The Invesupator can obtain high-quality un-
disturbed samples from open pits, bul obviously pits can
be advanced only 1o relatively shallow depths. Pits er
trenches can be dug by hand or by power equipment such
as a buck hoe or dozer. Berings can be made by augers.
either with or without a casing,

There are difficuliizs in obtainmg high-quality un-
disturbed soil sampizs, especially fram considerable
depths. The sampling operation, sample transportation,
and specimen preparation require that the soil be sub-
jected 1o stresses which are quite different from those
that existed in the ground. This inherent chanpge of stress
system alters the behavior of the sol, Further, the
sampling, lransportation and preparaticn operation
usually subjects the specimen ta strains that alier the soil
structure. For these rensons the determination of in situ
properties by laboratory lesls can be most difficult,
Later chapters n this book discuss laboratory testing and
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Fig. 7.3 Penctrometers (From Schultze and Knausenberger, 1957),

point out some of the sipnificant ihflugnces of sample
disturbance.

Field tosts take an an inereased importance in oils
which are sensitive 1o disturbance and (1 subsoil condi-
lions where the sails vary laterally andfor vertically. The
mast widely used field 1est method is penetration lesting
Figure 7.3 shows some of the penctrometers that hiave
been used [or soil investigation. These penctrometers are
driven or pushed into the ground and the resistance to
penetrution s recorded.  The most widely wsed
penetralion testas the “'standard penetration test”, which
consists of driving the spoon, shown in Fig. 7.4, intd the
ground by dropping a 140Jb weight from a height of
30 1. The penetration resistance is reported in number
af blaws of the weipht to drive the spoon 1 1L

Table 7:4 presents & correlation of standard penetra-
tion resistance with relative dedsity Tor sand and a cor-
relation  of penetration  resistunce  with  unconfined
compressive strength for clay. The standard penetration
lest is a very valuable method of soil investigation. Tt
should, Nowever, be used only as a puide, hecause there

are many reasons why the results are only approximate,

Figure 7.5 presents the results of some penetration tests
run in a large tank in the laboratory. These test datd
show thal the penetration resistance depends on faclors
other than relative density. As can be seen, the penetra-
tion resistance depends on the confining stress and on the
type ol sand. Further, the figures show that the test data
scatter considerably, The influence of sand type on
peneltration resistance is particularly large at low den-
silies—those of mest interest, Another Factor that may
have a marked influence on the penetration resistance of
asand is the pore pressure conditions during the masas-
uring operation, 11 the level of water in the drill hole is
lowered prior te penetration measurement, a lowered
resisiance oan resull

Experience has shown that the determination of the
shear strength of a clay from the penetration test can be
very unrelinble,

The siandard penetration test should be used anly as
an approximation or in conjunction with other methods
af exploration. ;
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Fig. 74 Spoon for standard penelrztion lest (From Terzaghi and Peck, 1967).
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Table 7.4 Standard Penetration Test

Relative Density

of Sand Strenpth of Clay
Penetration Penetration Uneonfined Compressive
Resistance N Relative Resistance N Sirength
{blows/ft) Density (blows/f1) (tons/iE) Consisteney
04 Very loose <2 <028 Very sofl
4-10 Loose 2-4 .25-0.50 Soft
10-30 Medium 4-8 {1,50-1.00 hedivm
30-50 Depse 8-15 1.00-2.00 StilT
=50 Very dense 15-30 2.00-4.00 Very =tlf
’ >0 >4.00 Hard

From Terzaghi and Peck, 1948,

In cerwain countries, such as Halland, suhsoeil condi-
tions-are such that penetration 1esting has proved 1 be a
relatively rebiable technique. More soplisticated tach-
niques [such as the friction jacket cone ({Begemann,
1933)] have been widely used.

The vane test has proved 1o be a very vseful method of
deternmuning the shear strength of solt clays and silts.
Figure 7.6 shows various sizes and shapes of vanes which
have been used for field testing. The vane is forced inta
the ground and then the torgue requirsd to rotats the
vane is measured, The shear strength is determiped from
the torque reguired to shear the soil along the vertical
and horizontal edges of the vane,

As later chapters in this book will show, a proper sub-
soil investigation should Inciude the determination ef
water pressure st various depths within the subsoil
Methods of determiming pore water pressure are dis
cussed in Part IV, Part 1V also notes how the parmeability
of asubseil can be estimuted from pumping tests

Various load tests and field compaction tests may be
highly desirable in impartant sofl projects. [n this type
nf 1est, a small portion of the suhsoil 1o be loaded by the
prototype is subjected to a §tress condition in the field
which approximates that under the completed structure,
The engineer extrapolates the results of the ficld tasts to
nrediet the Behavior af the prototype.

7.7 SUBSOIL PROFILES

Figures 7.7 to 7.17 present n group of subsoil profiles
and Table 7.5 gives some information on the gzological
nistory of the various profiles. The purposes of presenting
these profiles ars to:

1. Indicate how peological history infiuences soil
characteristics.
2. Give typical values of soil properties.

3. Show dramaticully the lnirge wvariability in soil
behaviar with depth,
4. Nlustrate howengincers have presented subsoil dita.

Three considerations were used in the selection of the
profiles: first, examples were chosen with different types
al geological history; second, most of the profiles are
ones for which there arc excellent references giving
considerably more detil on the characieristics of the
soil and engineering problems involved with the particular
profile; and finally, most of the proliles selected hive
heen involved in inleresung andfor 1mportant soil
enpgineering projects

Some of the soil churacteristies shown in the profiles
have already been described in this haok. Those charae-
teristics melude water conteni, uni weight, void ratio,
poresity, Atterberg linuts, and particle size.  Other
charaoteristics, partieulnrly those referring to strength
and compressibility, will be discussed in detail in later
portions ol this book. Relerence will then be made back
to thise profiles.

‘The profiles illustrate many concepts presented in the
preceding parts ol 1his book; some of them are discussed
in the rematning part of this section.

Stress History

In a normally consolidated sedimentary soil both the
vaid ratio and water content decrease with depth in the
prefile. and the strength therefore increnses. This charac-
teristic 15 illustrated in several ol the profiles, e.p., the
Norwegian marine elay (Fig. 7.7), the Thames Estuary
clay {(Fig. 7.10), and the Canadinn elay (Fig 7.11). The
Lendon clay is overconsolidated since it was compressed
by a greater overburden than now exists. Erosion
removed some of the ariginal overburden, As would be
expected, the overconsclidated London clay dogs not
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Table 7.5 Sobsoil Profiles

MNumber Profile Formation Post Deposition Comments References
i Morwegiin Sediments transported by Sediments uplified and ~ Normully consoliddied Bierrum, 1954
miarine chiy rivers ol meled placiers lzached. Surfuce below surface erust
of Fleistocene and de- dried and weathered
posited in sen
2 London clay Dreposited under marine Uplift and eroston re- Overcunsolidated w0 Skempton and
canditions during the minved the overlying masimum pust pressure Henkel, 1957
Eocene, roughly 30 million  depositsund £ to § = 20T|M? Waurd, Samuels and
yuars 4go of London clay Butler, 1959
3 Bogston blue Sediments transporied by Clay uplifted, sub- Overconstlidated at top,  Horn and Lambe,
clay sireams of melted glaclers merped, and Te- normally consolidated 1964
of Plelstocene and de- wpilfied at bottom Skempton, 1948
: pesited in the quiet marine
witers of Boston Busin
4 Thames Sediments transported by Mormally consolidated Skempton and
Estuury cluy streams wnd deposiied in below surface crust Henkel, 1953
an gstunry during posi-
glacial time
5 CCanadian Sediments transparied by Light, «ilt layer fnid dawn  Milligan, Saderman
varved clay streams fram melting 1 APIAE, SUMImEer; and Rutks, 19462
placicrs and deposited in dark “elay" layer, in Eden and Bazozuk,
cold lakes winfer 1962
& Mexico City  Sediments of voleanic orgin Pumping from wales Insomic parts of ity clay  Marsal, 1957
clay depasited in inke in valley wells has [owered is normally canaoli- L, 1962
of Mexico during late water tahle dated, other parts Zegvaert, 1553
Plefstocene averconsolidated
7 Chicago clay Clay deposited as till sheets  Clay surface desicated, Peck and Recd,
and sond by glaciers, during both giving crust usually 1954
advanting snd receding 3-8l thick
siapes, and depositad in
E flacil jakas
8 South African f Jennings, 1953
clay
q Hrasilizn Formed in place by Vurgas, 1953
residual clay weatliering of rock
10 Valoa Ruver Alluvizl sand of the Volza Data tn Fig. 7.17 ob- Dirante, Koran,
sand Tiver tained on (rozén Ferronsky, and
- samples fram puts MNosal, 1957
11 Kawasnki ‘Alluvinl deposits of the Mrafile shown in Part 1V
subsoils

Holoesne Epoeh. Tap
4 m hydraulic fll
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show o murKed reducion in switer éontent of incradse |
strength with depth.

The surfnces ol most of the soil profiles contain erusts
resulling from desiceution und  weathering.

between soil particles and  overconsalidate the clav.
Dusicaitlion also encourages thiemicul weathering, espec-
ially oxidation, which gives the soil an apparent over-
cansalidntion.

I both the Mexico City clay und London cliuy the pore
‘water pressure in the soil is less than the static pressure.
The importance of this reduced water pressure is dis-
cussed in detail In Parts IV and 'V of this book.

The Brazilian reswdual clay (Fig. 7.10)shows evidence f
everconsolidation in the upper hall of the stratum and
narmil consolidation in the lower holl. Tr is daubtful
that ene should use the terms “overconsohdated™ ond
"panmully tonsolidated™ m refevence to fesidual soils,
however.

Drying.
causes pare wiler lensions, which ncrease the siress

Sensitivity

Time and changes in stress and environment sinee Lhe
time of Tormation may result in a seil having 4 higher
strength i the undisturbed stale than 1t does (n the
remolded state (alter the soil has been thoroughly
worked a5 was done prior to the liquid limit test described
in Chapler 3} The lerm sensitivity is used to describe
this difference in strengthand 15 determined by the ratio
of the sirength in the undisturbed state 10 that in the
remolded stute. Sensilivity is related Lo liquidity index,
since the greatest loss of strength should oceur ina highly
Noceulated soil whose waler content is very large com-
pared 1o its liguid limit as measured using remolded
soil. As discussed in the preveding section, sedimentary
soils faid dewn in a marine environment and then leached
after deposition tend to havk high sensitivity. Any soil
with a sensitivity equal to or greater than eighl is lermed
“quick™. The Manglerud elay (Fig 7.7) is an extremc




example of a quick clay, having a sensitivity ranging to
above 500. The Canadian clay (Fig, 7.11) is also quick.

Variability in Soil

The profiles offer many eyamples of variability in goils,
over both large and small distances. In the Manglerud
clay and Thames Esturay clay, distinct strata of many feet
of thickness can be detected. In the sedimentary clays
there often exists a large varmbion 1n sail properties over
distances of less than an inch. Such variations over small
distances are dramatically shown in the Canadian varved
clay (Fig. 7.12). Figure 7.12 shows the great differences
in water content and plasticity between the dark (“clay")
and light (“silt”) layers. |
Plasticity

The plasticity of the clay shown in the various profiles
varies tremendously. The glacial clays, geserally con-
taining a signifieant amount of the clay mineral illite,
tend to have relatively low plasticity. Values of plasticity
index of 1510 20 are shown for the glacial clays, e.g., the

Ch. 7 Seil Formartion El

Norwegian marine clay—however, they cun have much
Righer values, as indicated by the data on the Canadian
varved clay, especially the dark layers,

The Mexico City clay, conlaining the elay mineral
montmorillonite and voleanic ash, is one of the most
plastic clays encountered by the soil engineer. As can
be seen in Fig. 7.13, this clay ean have valucs of Pl in
excess of 400. The South African soils (Fig. 7.15) can
have high values of PL and fall above tlie 4 line on the
plastieity chart. This characteristic 15 common of soils
which present heave problems as do same of the South
Alrican clays.

SUMMARY OF MAIN POINTS

The determination of the soil profile 1s an essential
step in almost all soil mechanies problems,

The properties of the soils in a profile depend on
{a) the nature of soil components, () the meth-
od of prafile formation, and [¢) the alteration of
the profile after formation
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Fig. 7.17  Volga River sand (From Durante et ai, 1957).

3. There are many methods available for investigating
subsoils. The standard penetration test is very use-
ful for giving en approximate, general portrayal of
the subsoil profile. Sampling und laboratory and
figld testing are usually necessary to obtain design
data.

Experience—as iliustrated by the actual profiles
shownin Figs. 7.7 to 7.17—emphasizes the impor-
tance of stress history and the great variability of
soil properties in a given profile.

=

PROBLEMS

7.1 Suggest soil wvestigation methods for each of the
following situations:

a. Dwelling house on sand,

b, Highway section on rock.

. 100-fi-high embankment on 20-1t deep deposit of soft
elay.

o, Large eompressar foundation on 10-ft hydraulic sand fill.

7.2 Flot depth (ordinate} versus liguidity index {abscissa)
for:

a. Manglerud clay (Fig. 7.7).

&, Paddington chy (Fig. 7.8).

e, Chicago clay (Fig. 7.14),
Comment on any relationship between liquidity. index and
peological- history for each clay.

7.3 Plot sensitivity {ordinate) versus liquidity index
{abseissa) using dawa from the following sails:

a, Drammen clay and Mangerud clay (Fg. 7.7).

b. Boston blue clay (Fig. 7.9).
Comment on any relationship between sensitivity and
liquidity index. !

74 Compute lhe activity of Boston blue clay, a Canadinn
varved elay, and a Brazilian residual clay.

75 For the Yolga River sand (Fig. 7.17) plot relative
density {abseissa) versus depth (ordinatel.
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[ir. Ralph Peck was born in Winnipeg, Canada, on June 23, 1%12 and received hre
education al Rensselaer Polyiechnic Instiiuie and Harvard Universay. At Harvard 1
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PART I

Dry Soil

Part 111 sstablishes certain basie principles concerning
thie stress-strain behaviar of the skelston of the soil by
considering cases (i.e., dry soils) in which there are no
impartant interactions between the skeleton and the pore
fuid. The principles concerning the praperties of dry
soils will be of the greatest valuz 1o the study of soils
contaimng water in Parts 1V and ¥,

When we talk gbout dry soil in Part I1l, we mean an

air-dried soil. Even an air-dried sand actually contains a
small amount af wiater (perhaps @ water content as much
a3 1%). However, ns long as the particle size is that of a
coarse silt or larger, this small amount of moisture has
little or no effect upon the mechanical properties of the
soil. The principles established in Part 111 apply to a
wide variety of dry soils including coarse silts, sands, and
gravels.




CHAPTER 8 ;

Stresses within a Soil Mass

Part 11 dealt with the forees that act berween individual
soil particles. In an actual soil it obviously is hmpossible
to keep track of the forces at cach individual contact
point. Rather, it is necessary to use the coneept of srress

This chapter introduces the concept of stress as it
applies to soils, discusses the stresses that exist within o
soil as a result of its own weight 2nd as a result of applied
forces, and, finally, prescats some useful geometric
representations for the state of stress at a point within
a soil.

5.1 CONCEPT OF STRESS FOR A
PARTICULATE SYSTEM

Figure 8.1a shows a hypothetical small measuring
device (Element 4) buried within 2 mass of soill. We
imagine that this measuring dévice has been installed in

such a way that ne soil particles have been moved. The
sketches in Fig B 15 e depict the harizontal and vertieal
faces of Element A, with soil particles pushing apainst
these faces. These parucles generally exert both a nor-
maz| fores and a shear force on these faces. 1T each face
is square, with dimension a on euch side, then we can
define the strasses aoting upon the device-us
N, Ny T,
_— .o

T, = M, = —; s
u L] h L i v
2 “ll. L aﬂ

T;. .
—= (81)

where Ny and N, respectively, represent the normel
forces in the vertical and horizontal directions; T, ond

- T}, Tespectively, represent the shear forces in the vertical

and honzontal directions; and o, v,, 7., and 7, represent
the corresponding stresses. Thus we have defined four
stresses which cun, at |east theoretically, be readily
vistialized nnd mensured.
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Fig: 81 Sketches for definition of stress. (o) Soil profile. (&) and {r) Forces at
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Fig. 8.2 Definition of stress in a partloulate sysien.
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In Part 111, oxeept as noted, it will be assumed thit
the pressure within the pore phasc of the sail is zero;
i.e., equal to atmospheric pressure. Hence the [orees N,
Ny, T,, and T, arise entirely [rom force that is being
transmitled through the mineral skeleton. In dry snil,
stress may be thought of asthe force iii the mineral skeieton
per wnit area of soil.

Actuully, it is quite difficult to measure accurately the
stresses within a soil miass, primarily because (lie presence
of a stress gage disripts the siress field that would other-
wise exist il the gage were not present. Hamilton (1960)
discusses seil stress gages and the problems nssociated
with thems. In order to make our defiftiion of stress
apply independently of & stress gage, we pass an imagin-
ary plane through soil, as shown in Fig 8.2, This pline
will pass in part through mineral matter and m part
through pore spuce. [l can even happen that this plane
pisses through one or more contact points between
particles. Ateach point where this plane passes through
iriineral mutter, the lorce transmitted throuph the mineral
skeleton can be broken up into components normal und
tongential to the plane. The tangenusl components can
[urther be resolved into components lying along 8 pair
of coordinate axes. These various components are
depicted in Fig, 8.2, The summation over the plane of
the normal components of all Torces, divided by the arza
af the plane, is the normal stress o acting upon the plare.
Similarly, the summation aver the plane of the tangential
companents in, say, the z-direction, divided by the area
of this plane, is the shear stress =, in the z-direction.

There is still another picture which is often used when
defining stress. One imuglnes a “wavy"” plane which is
warped just enough so that it passes through mineral
matter only at points of contact between particies. Stress

g X

b 1 b3

¥, ==
4 o X.a

is then the sum of the contaet forces divided by the area
ol the wavy plane. The summation of ail the contact areas
will be a very small portion of the total area of the plane,
certninly less than 1%. Thus stress as defined in this
section 15 numerically much different from the stress at
the points of contact x

In this book, when we use the word “stress”™ we mean
the macroscopic stress; i.c., force/total area, the stress
that we have just defined with the aid of Figs. 8.1 and 8.2.
When we have occasion to talk about the stresses at the
contacts betwsen particles, “we shall use 2 qualifying
phrase such as “contact stresses™. As whs discussed in
Chapter 5, the contact stresses between soil particles will
be very large (on the order of 100,000 psi}, The macro-
seopic siress as defined in this chapter will typically range
from 1 to 1000 psi for mast actugl problems.

The concept of stress is closely associated with the
coneepl of a continuum. Thus when we speak of the
stress acting at @ point, we envision e forces against
the sides of an infimitesimally small cube which is com-
pused of some homogeneous material. At first sight we
may therefore wonder whether il makes sensc lo apply
the concept of stress to a particulate system such as soil.
However, the concept of stress as applied to soil is no
more abstract than the same cancept applied o metals.
A metal is actually composed of many small erystals, and
on the submicroscopic scale the magnitude of the forces
between orystals varies randomly [rom crystal to crystal.
For any material, the inside of the “infinitesimally small
cube” is thus only statistically homogeneaus. In @ sense
all matter is particulate, and it is meaningful to talk about
macroscopic stress only if this siress varies little over
distances which are of the order of magnitude of the size
of the lurgest particle. When we taik about the stresses




ata “point™ within a soil, we often must envision a rather
large “point™.

Returaing to Fig. 8.1, we note that the forces N,, elc.,
are the sums of the normal and tangential components of
the forces at each contact point between the soil particles
and the faces. The smaller the size of the particle, the
greater the number of centact points with a face of
dimension 4. Thus lor & piven value of macroscopic
stress, a decreasing particle size means a2 smaller force
per contact. Far example, Table 8.1 gives typieal values
for the farce per eontact for different values of stress and
different particle sizes (see Marsal, 1963).

i

Table 8.1 Typical Values for Average Contact Forces
within Granular Soils

Avzrepe Contact Foree (Ib)
for

Particle  Particle Macroscopic Stress (psi)
De-  Dmmeter
scription '(mm) ] 10 100
60 3 30 300

CGrave|

20 0.003 0.03 0.3
Sand

0.06 Ix10* 3 x 100 00003
Sile

0.002 Ix 10 3% 10-F 3 x 0

8.2 GEOSTATIC STRESSES

Stresses within soil are caused by the external loads
applied 1o the soil and by the weight of the sail. The
pattern of stresses caused by applied loads is usually guite
complicated, The pattern of stresses caused by the soil's
awn weipht ean dlso be complicated. Howevzr, there is
one common situation in which the weight of soil gives
risc to a very simple pattern of stresses: when the ground
surface is horizontal and when the nature of the soil varies
but littlz in the horizantel directions. This situation
frequently exists, especially in sedimentary soils. In such
a situation, the stresses are called peostatie siresies.

Vertical Geostatic Stress

In the situation just deseribed, there are mo shear
stresses upon vertical and horizontal planes within the
soil. Hence the vertical geostatic stress at any depth can
be computed simply by considering the weight of soil
above thar depth.

Thus, il the unit weight of the soil is constant with
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Stress (o, and o)

Depth 2

Fig. 83 Geosiatic stresses in soil with horizontal surface.

depth,
Ty = T (8.2)

where = 15 the depth and 3 is the total unit weight of the
soil. In this casc, the vertical stress wall vary linearly with
depth, ds shown in Fig, 8.3, A typical unil weight for a
dry soil is 100 pel. Using this unit weight, Eq. 8.2 can be
cenverted into the useful set of formulas listed in Table
.27

Table 8.2 Formulas for Computing Vertical Geosiafic
Stress

Units far a, Linits for = Formula for o,
pal feet 100z

psi feet 0.694:
kgjcm? melers 0.758%
atmospherss feel 0.04732

Note. Based upon 3 = 100 pef. For any other unit
weight, multiply by 3100

Of course the unit weight is seldom constant with depth,
Usually 2 soil will become denser with depth because of
the compression cuused by the peostatic stress. I the
unit weight of the soil varies continuously with depth,
the wvertical stress cin be evaluated by means of the
integral

P r-ﬂ}: (8.3)
o]

! A completz fist of factors for converling one sei-of unils (o oilirs
i% given in the Appendry
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If the soil is stratified and the unit weight is different for
each stratum, then the vertical stress can conveniently be
computed by means of the summztion

0y= Y yAz (8.4)

Example 8.1 illustrates the computation of vertical
geostatic stress for o case in which the unit weight is a
function of the geostatic siress, ’

» Example §.1

Given.  The relationship betwesn vertical stress and unit
wl:iglu

7 =95 + 0.0007r0,

where 1 s in pel and o, s 0 psl.
Find, The verlical stress ol a depih of 100 feet Tor a
penstatic stress condition,

Sauution Usimg Calownes. From Eq. 8.3

& -J (95 4 0.0007c,) e (= in leey)

]
o
ey
— = 95 + 0.0007a,

e
The solution of this dilferential equation is;
o, = 135,800 995 — 1)

For = = 100 :
0, = 135, 800(1.0725 — |) = 9840 psl

Alrernatiwe Approxiurate Solutivi by Trial aud Error.

First trial: assume average unit weighl from = =0 to
2 = 1007 i= 100 psf, Then g, al = = 100 M would be 10,000
pafe Agtual unit weight at that depth would be 102 pef, and
average unil weight (assuming |inear varation of 3 with
depth} would be 98.5 pef.

Second irial; assume average unit weight of 98.5 pef. Then
ats = |00 ft, o, = 9830 psfand v = 111.9 pcl. Averape unit
weight 1s Y8.45 pef, which is practically the same as for the
previgus traal,

The slight discrepancy between Lhe lwo answers oceurs
because the unil weight actually does nat quile vary linearly
with depth as assumed in the second solution. The dis-
crepancy can be lasger when v (5 more sensitive to o, The
solution using caleulus s more accurate, but the user easily
can make ruistakes regarding units. The accuracy of the trial
solution can be improved by breaking the 100-f1 depth into
layers end assuming a uniform variadon of unit weight
through each layer. -«

Haorizontal Geostatic Stress

The ratio of herizontal to vertical stress is expressed
by o fuctor culled the coefficienr of lateral siress or lureral

siress ratio, and is denoted by the s_ym-bcr_i F
K=" (8.5)
ﬂ.ll

This definition of K 15 used whether or not the stresses are
oeostatic,

Even when the stresses are peostatic, the value of K
can vary ever a rather wide range depending on whether
the ground has been sirelched or compressed in the
lorizontal direction by either the forces of nature or the
warks of man. The possible range of the valus of X will
be discussed in some detail in Chapter 11.

Often we are interested o the magnitude of the horizon-
11l geostatic stress in the special case where there has been
no lateral strain within the ground. In the specizl case,
we speak of the coefficrent of lateral stress at rest* (or
lareral stress ratio ar rest) and use the symbeol K,

As discussed in Chapler 7, a sedimentary soil is built
up by an accumulation of sediments from above. As
this bulld-up of overburden continues, there is vertical
compression of soil al any piven elevation because of the
incrense in vertical stress.  As the sedimentation takes
place, penerally over a large lateral ares, there is no
reason why there should be significant hornizontal com-
pression during sedimentation. From this, onc could
logically reason that in such sedimentary soil the horizon-
tal total stress should be less than the vertical stress. For
o sand deposit formed in this way, £, will typically have
@ value between 0.4 and 0.5.

©On the other hand, there is evidence that the horizontal
stress can exceed the vertical stress ifa soil deposit has
bzen heavily preloaded in the past. In clfect, the horizen-
1a) stresses were “locked-in" when the soil was previously
loaded by additional overburden, and did nol disappear
when this loading was removed  Fér this case, X, may
well reach o value of 3.

The range of horizontal stresses Tor the at rest condition
have heen depicted in Fig 8.3 '

§.3 STRESSES INDUCED BY APPLIED LOADS

Results from the theory of elasticity sre often used to
compute the stresses induced within sail masses by extern-
ally upplied loads. The assumption of this theory is that
stress is proportional to strain. Most of the uselul solu-
tions fram thistheory alse assume that soil is homogeneous
(its praperties are carstant from point 1o peoint) and
isorropic (its propertizs gre the same in each direction
through a point). boil seldom if ever exactly fulfills, and
often seriously violates, these assumptions, Yer the soil
engineer has little choice but to use the results of this
theory together with engineering judgment,

* The phrase codfficient of laleral piressure [s also tsed, but in

classical mechanics the word pressure {5 used in connection with a
Tl that canogol transmit shear,
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Fig 84 Vertica! stresses induced by uniform load on circular area.

Tt is a very tedious matter to obtain the elastic solution
for a given loading and set of boundary conditions. In
this book, we are concerned nol with how to oblam
solutions but rather with how to use these solutions,
This scetion presents several solutions in graphical form.

Uniform load over a circulararea. Figures 8.4 and 8.5
give the stresses caused by a uniformly distributed normal
stress Ag, acling over a circular arez of radius K on the

surface of an elastic hall-space.® These stresses must be
added to the initial geostatic stresses. Figure 8.4 gives

¥ln pencral, the stresses computed from the theory of clasticity
are functions of Poisson's ratio g This quantity will be defined in
Chapter 12, Howeyer, vertical stresses resulting from narmal
siresses applicd 10 the surface are always indepandent of u, and
stresses caused by a strip load are also independen| of pr. Thus of
ihe chatls presenied in this chapier anly those m' Fig. 8.5 depend
upon y, and are forn =045,
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the vertical stresses. The sipnificance of Ap; and &gy,
given in Fig. 85, will be discussed in Section 8.4, For
the moment it suffices to know that along the vertical
center line

Ar, = Aa,  and Agy = Ag,

Example 8.2 illustrates the use of these charts. The
stresses induced by a surface foading must be added 10
the geoslatic stresses in order to obtain the final siresses
after 2 loading.

Charts such as these give tle user a fez! for the spread
of stresses. through o soil mass. For example, the zone
under a loaded area wherein the vertical stresses are
significant is frequently termed the “bulb"” of stresses,
For a circular loaded area, the vertical siresses are less
than 0.15Ag, at a depth of 3R und less than 0.104g, at 2
depth of 4R. Usually the stress bulb is considered to be
the valume within the contour for 0.14g,, but this choice
is strictly arbitrary.

Uniform load over reciangular arca. The chart in
Fig. 8.0 may be used to find the vertical stresses beneath
the corner of 0 rectangularly loaded arca “xample 8.3
illustrates the way in whicli this chart may be used to
find the siresses at points not Jying below the corper of a
load. Prablems invalving surface losds which are not
uniformiy distributed or which are distributed over an
wregularly shaped area-can be handled by breaking the
load up into pieces invelving uniltrmiy distributed loads
over reclangular areas,

Strip loads. Figurss 8.7 and B.8 pive stresses caused
by strip loadings; ie., loadings which are infinitely long
in the direction normal to the paper. Two casss are
shown: load uniformly disiributed over the striprand
load distributed in a triangular pattern, Again, Ao, =
Aoy and Agy = Agy along the center [ine.

Oiher solutions.  Sululions are also available in ¢hart
form for other loading canditions, for layered elastic
bodies, and feor elustic bodies which are rigid in the
horizontal dircctions but can strain in the vertical direc-
tion. With the digital computer, the engineer can readily

» Example §.2

Guen. Soil with y = 105 pel and X, = 0.5, loaded by
&g, = 5000 psf over a circular area 20 11 in diameter.

Find. The vertical and horizontal stresses at a depth of
10 ft. under the center of the loaded arsa.

Selution.

Vertical Stress Heorizomal Stress

(psf) (psf)
Initial stresses yz = 1050 K= = 525
Stress Fig. B4 Fig. B.5b
increments  (0.64)(5000) = 3200  (0.10)(5000) = 500
Final stresses 4250 1025
-
# Example 8.3

Given. The plan view of a loadmg shown m Fig. ES.3-1.

Find. The vertical stress at a depth of 101 below point A.

Sotution. The given loading is oquivalent to the sum of
the four loadings shown in Fig. EB3-1

Loading m " Coelficrent Aoy, — ksf
I 1.5 2 0.223 0.223
I 0.5 2 0.135 —0.135
111 l5 05 0.131 =0.131
1Y 0.5 0.3 0.085 0,085
0.042 ksl
<
A
in
Sn

10t Ay, = 1kst

A 20t A g A gi A
I il i v
=1 5ht 15h +1 |51t
154 +1 I,lnlaadmgj =1
+ + +
Unioading— '
201

Fig. EB.3-2.
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Fig. 8.7 Principal stresses under strip lond,

obtain elastic stress distributions for almost any leading
pnd boundary conditions, Charts such as those given
here are useful for preliminary analysis of a problem or
when the computer is not available.

Accuracy of caleulated vajues of Induced stresses. A
critical question 1s: How accurate are the values of
induced stresses as caleulntad from sfress distribition
theories? This question can be answered only by com-
paring caleulated with actual stress mcrements for a
number of ficld situations. Unfortunately, there are very
few reliable sets of measured stress inerements within soil
masses (sec Taylor, 1945 and Turnbull, Maxwell, and
Ahlvin, 1961).

The relatively few good comparisons of calculated with
measursd stress increments indicate a surprisingly good
agreement, especially in the case of vertical siresses. A
great number of such comparisons are nesded Lo estabilish
the degree of reliability of caleulated stress incraments.
At the present stage of knowledge, the soil engineer must
continue to use siress distribulion thearies based on ths
theory of elasticity for lack of better techniques. He
should realize, however, that his computed stress values
may be in error by as much as =257 or mare.

8.4 PRINCIPAL STRESSES AND MOHR
CIRCLE

As in any other material, the normal stress ot a point
within a soil mass is generally 1 function of the orienta-
tion ol the pldne chesen 1o define the stress. Jt1s meaning-
less 1o talk of the normal stress or the shear stress at o
point. Thus subseripts will usually be attiched to the
symbols & and 7 to qualily just how this stress is defined.
More generally, of courss, we should talk of the sfress
tensor, which provides a completz deseription for the
state of stress at a point. This matter is discussed in
textbaoks an slementary mechanies, such bs Crandall
and Dah! (1952). The following paragraphs will state
the essential cuncepls“:’md definilions.

Principal Stresses

There exist at any stressed point three arthogonal (i e,
mutually perpendicular) planes on which there are zero
shear stresses. These planes are called the principal stress
planes. The normal stresses that act on these three planss
are called the principal stresses. The largest of these three
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slresses is called the major principal stress o, , the smallest
is called the minor principal siress a3, and the third is
called the intermediare prineipal sivess oy

When the stresses in the ground are geoststic, the
horizental plane through u point 1s & principal plane and
su too are all vertical planes throvgl the point. When
K<, o, =0, my=0, and 6,=my =106, When
K> 1 the situation is reversed: o, = 7, gy = a5, und
ga=ua; =g, When K=1, sy =a,=0,=0,=0;
and the state of stress is folrapic '

We should also recall that the shear stigsses on any
Lwo orthogonal planes {planes mesting at right angles)
must be numerically equal. Returning 1o the definitien
of stresses given in Section 8.1, we must have 1, = 7,

NMohr cirele.  Thioughout most of thus book, we shall
be concerned only with the siresses existing in two
dimensions rather than those in three dimensions® Maore
" The intermediate principal stess unyuestionably hds sone
inflience upan the =strength and siress-siram propertics of soil.
However, this influence is not well understoed.  Unuil tivs effect

has beon |:||:|1_'iﬁc|_1_ it seemns best Loy wairk primaril_y in ferms of
apand iy,

specifically, we shall be iiterested in the state ol slress in
the plane that contains the major and minor principal
stiesses, oy und oy Stresses will be considered positive
when compressive. The remainder of the sign conven-
tions are given in Fig 8.9 The quantity (g —oy) is
called Lhe devietor siress or stross difference.

Given the magnitude and direction of 7y and ay, it Js
possible 10 compute normal and shear stresses in any
other direction using the equations developed from statics
and shown in Fig. 8 9% These equations, which provide
s completz (in two dimensions) description for Lhe slate
of stress, deseribe 2 cirele, Any peint on the circle, such
s A, represents the stress on a plane whose normal i5
oriented at angle # to the direction of the major principal
stress. This graphical representation of the state of stress
is known as the Malr cirele and is of the greatest impor-
tance in soll mechanies.

Given ¢, and ag.and their directions, it is possible Lo
find the stresses in any other direction by praphical

"fquations 8.5 and 87 are dorlved in mest mechanics leats:
et see Crandall and Dahil (1958), pp. 130-138
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Equations for state of stress af a point. (&) Mohr diagram for

stale of stress at a point. = s positive when counterclnckwise,
# is measured counter elockwise from the direction of o,

Fy -+ O  — 0
1 3 e 1 Bl

5 3 cos 20 (4.6)

g, =oycostl + oysin*d =

. Iy, =y
= {gy — ay)sinfcosl =

s 20 8.7

construction using the Mohr oirele: Or, piven the a, and
p that act on any fwoe planes, the magnitude and direction
of the principal stresses can be found. The notion af the
origin of ploves is especially useful in such constructions.
The origin of planes is 2 point on the Mohr ¢circle,
denoted by Op, with the following property: & line
through Op and any polntd of the Mohr circle will be
parallel to the plane on which the stresses given by point
A act. Examples §.4 to 8.7 illustrate the use of the Mohr
circle and of the erigin of planes. The reader should
study these examples very carefully.

The maximum shear stress &t a point, =, is always
equal to (o, - a)f2; fe., the maximum shear stress
equals the radius of the Mchr circle. This maximum
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shear stress occurs on planies lying at £45° to the major
principal stress direction.

If the stress condition is geostatie, the larpest shear
stress will be found vpon planes lying at 457 10 the
horizontal. The magnitude of the maximum shear siress
will be

TRk <1, 7mnx=%|:]_ﬁ}
i To g ge

[ g ik = ;*“‘. == 1)
HKE =1, 'Pmn_r:'=n

8.5 p-g MAGRAMS

In many prehlems it is desirable 1o represent, on a
sinale diagram, many stdles of stress [or a given specimen
of soil. In other problems, states of stress for many
different specimens are represented on one such diagram.
In such cases it hecomes eumhersome to plot Mohr
cireles, and even mers difficult to sze what 15 on the
diagram once all circles are plotted.

An alternative scheme for plotting the state of siress 1§
to plot a stress point whose eoordiniles are

gt
+ il'my s inclined equal to or
less than 4+45% 10 the vertical
= (8.8)
= — if =y 15 inclinad loss than
45" 10 the harizontal

§= 4 =

I'n maost cases for which the stress paint representation is
used, the principal stresses act on vertical and horizontal
planes. Then Eq. (8.8) simplifics to

— T 0 _i_ Oy ; § = Iy — 0 (8.9)

= -

Plotting a stress paint is equivalent to plotting one single
point of & Mohr circle: the uppermost point if ¢ is posi-
tive ar the bottom-most point il ¢ is negative. Numeri-
cally, g equals ong-half of the deviator stress.

Example 8.8 shows stress points corresponding to the
state of stress worked out in Examples'8.4 1o 8.6. Know-
ing the values of p and g lor same state of stress, one has
all of the infermation needed to plot the corrasponding
Mahr eirele. Hawever, the use of a p-¢ diagram i no
substitute for the use of the Mohr circle construction to
determine the magnitude of these principal siresses fram
a given state-of-siress.
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» Example 8.4
Given.  Figure B8],

20 psi B
30
Alps A0 psl
]
.5/ f
20 prai
‘Fig. EB.4-1
Find. Stresses on plane B-8.
Solutian. Use Fig. EZ8A4-2.
-
o —
AN,
il o A' l/ Kﬁ
\ )

—-10 | X}:‘(‘;_.-‘/ 14

10 AL a0 g 40 d

Fig. EB4.2

I. Locate points with co-ardinates (40, 0) and (20, 0).

2. Draw cirgle, using these points to define diameter,

3. Draw line A"4" throuph point (20, 0) and parallel o plane on which stress (20, 0) acts,
4 Intesscetion of A'A" with Mobr eircle nt point (40, 0) is the origin of planes,

5. Draw hine 8°4" through Oy paraliel ta A4,

6. Read evordinates of point X where B'4 intersects Molir circle,

Angwer. Sce Fip, E8.4-3, =15 psi

on A8

== —87psi

o

Fig. 8.4-3

Aliernate Solition. Steps T and 2 sarie as above.
3. Draw line €'C through (40, 0) parallel 10 plane on which stress (40, 0) acls. ce'is
vertical.
4. C°C Intersects Molir circle only at (40, 0}, so this peint s Op. Steps S and & same a3
above.
Solutloi U_rfnr!r L‘q.r 8.6 el 8.7,
0, =40psi oy =20psi 0=120"
40 4+ 20 =20 : !
b =——3— +du 3 cos 2407 = 30— [0 cos 607 = 25 psi
a0 — 20
2

To- =

3in 240" = —10sin §0* = —§.66 psi -

(Questions jor studesy. Why is 0 = 12077 Would result be different if § = 300% 7y
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» Example 8.5
Given. Figure E3.5-1,

40 ps|
20 |3-5|\a. \
D - D
-
! " s
&0 psi
Fig. E&.5-1

Find, Stresses on honzontz] plane DD,
Sulution.
I. Locate points (40, 0) and (28, 0) on Maohr diagram (Fig. EB 5.2)

' 10 i ‘3
| “'7*& 3

s

o LA 11

] 10 20 30 0 50
2y

Fig. E8.5-2

. Diraw Mohr circle.

. Draw line 4" A" through (20, 0) parallel to pline upon which stress (20, 0) acts.
. Intersestion of A"4" with Mohrcircle gives (.

Draw line "D parailel 1o plane D8,

i Intersecrion X gives desired siresses

Answer, Fee Fig: E8.5:5.

e = I ]

o = 35 psi

an D0 )
[e = B psi
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Example 8.6

Given, Figure ES.6-1.

Fig. E&.6-1

Find.  Magnitude and direction of the principal siresses,
Sulutlpn.  Use Fig. EB.6-2,

]

=10

Fig. ES.6-2

1. Logaie points (40, —10] and (20, 10).

2, Erect diemeter and deaw Mohr cirele.

3. Draw /'8’ through (40,—10) paraliel 10 BE.

4, Intersection of 878" with circle gives Op.

5. Read oy and ny [rom graph,

6. Line through @yand oy gives plane on which oy acts, ete. fsee Fig, E8.6-3).

o= 441 ps

5a°

b o
e5=159 psi

Fig. E8.6-3

Salitipn by .Egm:l'a"mu
I, First make use of [act that sum ol norimal stresses is & constant:

ap +oy  Ee, 40420
T 2 2

= 30 psi
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(o) - o

with either pair of given stresses

2. Use relation

¥

(“:“)=ﬂmamv+mr-ﬁmmmmml

=

gy + & a;, —

E ﬂ':'-"(‘za)""(l
@ + dy gy —

w- (239~

4, Use strees pair in which oy is largest; le. (40, —10)

Ty 2
= 4414 ‘FS[

(3]

c") = 15.86 psi

b

T, T
=9 o — oy 2838
20 = —AS"
f = —22§°
5. Angle from horizontal to major principal stress direction = N — 0 =352} -

» Example 8.7

Given. A load of 5000 psi uniformly distributed over @ circular area with a radivs of
10017

Find. At 100:[t depth under the edge of the loaded area, find the horizontal stress incre-
ment #nd the directions of the major and minor principel sicess increments,

Solution, Figures §4 and 8. can b used to find &oy, Aey, and 8oy These are plotted
and the Mchr circle s constructed. The origin of planes is lecated by drawing a horizontal
line thraugh the point representing the vertical siress, and the problem is then campleted.

: f
oL Stressecon ]
1000 1= yerfical plsne 1 .
L& K\\
Agy=1710 |
500 At
= /
s = Taey
= /
=S =\ /{‘: firectan
Dirsction / Aol Ay
oléo O F Stresses on
1606 2| honrantat |
= plans (A ,)
500 LG 1500 2000
Ay, psf
Fip. E&.7

Ouestion for student. In order to construct the diagram, it was necessary fo assume that
the shedr siress was riegative on the horizontal plane. One way 1o test this assumption is to
ask whether the directions of (ke principal stress incremients are rensonable. Ave they? 4

L1l
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¥ Exumple 8.8
On a p-g dinpram. represent the states of stress given in Examples 8.4 to 8.6,
Solution.  Sec Fig ES.E -«
20
£ P
—~ 1o —
o A.5
| |
sl i
- 0 : 5
-
i
| |ma
gl =10 Aa
1l <
-
-z0
o ] 20 ] 40 L

P'[m ;fu]w{ﬂl‘;’bJ (psil

Fig. E8.6

8.6 STRESS PATHS

We shall often wish to depiet the successive states aof
stress thal exist in u specimen as the speciniten s loaded,
One way 1o do this 15 to draw o series of Mohr circles.
For example, Fig 8.10e shows successive stalgsas o; is
increased with oy constagt. Hewever, a diagram with
many cweles ean become quite confusing, especially 1f
the resulls of several tests are plofied on the some dia-
gram. A more satisfactory arrangement s to plot
series of stress points, and to connect these points with o
ling or curve (Fig. B.105). Such a line or curve isealled n
stress path, Just as a Mohr clrele or 4 stiess poimnt repre-
sents a stafe of strzss, a stress path gives 2 continuous

representation of successive stales ol stress.’ Fipure 8,11
shows a variety of stress. paths that will be of interest to
us in following chapters.

Figure 8.11o shows stress paths starting from a condi-
tinn where ¢, = o, This 152 common initial condition
in many types of luboratory tests: From this initial
condition, we commouly either change o, and o, by'the
same amount (Ae. = Am), or else change one of the
principal stresses while holding the other principal siress
conslant (Ae, positve while Agy = 0, or Ag, negative
while: Aey = 0], Of course many other stress paths are

L]
The termis steess fegjectory and seeror curoe are also used 10
denole curves depicting successive slates of stress, but the definitions
of these other ¢urves are somewhat different.

&)

Fig, 810 Jepresentation of successive states of stressas oy increases with oy
constunl. Points A; B, ele., represent the same stress conditions in both
dingrams. (o) Mohr circles. (b) p-g dingram.




iqas oy
Aey=10 Aoru>0
.d.a,,-(l:l gy =0
by C
(b P
q b
A
\ Loadings with
ohig,=K
K<l
K= F
K>

{el

Fig. 811 Examples of stress paths. (@) o, = oy initially.
(1) 2, > o, > Oinitially. (¢) g, = g, = O initially.

p Example 8.9
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possible; we may increase both Ao, and Ag, in such &
way that Agy = B /4.

A more common initial condition is to have o, and g,
both greater than zero, but 7, 5 oy, Part (b) of Fig.8.11
depicts several stress pathis starting [rom such on initial
condition.

We are also interested in loadings that start from
g, = o, = 0 and during which @ and gy increase in
constant ratio (Fig, 8.11¢). For this type of loading

g 1—-K

P I+ K
where X is the coefficient of lateral stress as defined in
Section 8.2. The stress path K =1 corresponds to isatrepic
compression without shicar stresses, The stress path K,
indicates the way in which the stresses within a normally
consolidated soil increase during the sedimentation
process. The slope of the stress path Ko is denoted as i
ie., for a K loading,

(8.10)

T tanB (8.11)
P
Combining Egs. 8.10 and 8.11, we find
om0 (8.12)
1+ tanf

A stress path need not be a straight line. For example,
we might specify that the stresses are applied in such 2
way that Ag, = 1(Aq)® A stress path might well con-
sist of a series of straight lines joined together. Two
different loadings might foliow just the same curve in
p-q space, but one of these loadings might involve
increasing stresses and the other decreasing stresses. To
avoid any ambiguity, each stress path should carry &n
arrowhead ta indicate the sense of the loading,

Example 8.9 shows stress paths for -several points on

Given. Loading and soil conditions as shown in Fig. E8S-1.

Find. Stress paths [or points A 10 K

Solution. Use Figs. 8.4 and 8.5 to find stresses. Stress paths are given in the following

table and in Fig. E8.5-2

Initial Increment Final
Point ay oy P q Az, Ag, Ty o, bt g
A 357 139 22F 087 534 283 89 40z 63 122
B 645 158 451 193 460 132 11,065 390 748 358
c 068 487 676 290 162 059 1330 446 888 440
D 1280  S16 502 387 235 027 (565 543 1054 5l
' E 1837 774 13s3 S80 162 007 20089 781 1440 6359
F 2980 1032 1804 T4 102 002 2687 1034 1858 B24
G 3225 1290 2255 967 068 0 3294 1290 2192 1002
o 3870 1548 2706 1161 050 0 3920 1548 2734 1186




Tank

Uiameter = 1534 ft

Helght = 129% It
Ag, = 5500 psf

=T
7
Vi
/
Stress

W
Ty
increment |

40

30

Geostalic
BLIESREs

N

(1) yadag
£
5 2 n 8 E: g &
-, VAN S, CE— T— R R,
= m 0 0 @ fe o

P =0y ol B = 4 pues auly 0) WniCEy

Stress (hip/ft?)

Stress (hip/ft?)

25

-7 |

e

20

5]

15

[ksl)

2

b+ oy

Fig. E8.9-2

14




the center line below a circular loaded area. The useful-
ness of the stress path for depicting the stress changes is
evident in this example

8.7 SUMMARY OF MAIN POINTS

1. The traditional concept of stress can be applied to
a particulate system, provided that the stress changes

only yery slightly over distances which are of the

order of magnitude of the largest particle.

_ The Mahr circle representation for the state of siress

at'a point is extremely useful in soil mechanics.

3. The p-q diagram is alse a pseful means for repre-
senting the state of stress al a point, and the stress
path is a useful way to represent a change of stress.

4, When the surfice of a sofl deposit is level and the
unit weight is constant with depth, the vertical and
horizontal peostatic stresses increase linearly with
depth.

5. Elastic theory provides e convenient means for
estimating the stresses induced within a soil mass by
applied loads.

|18 ]

Since soil is not elastic, and for other reasons cited in
this chapter, the snginzer should use the stress distribu-
tion charts hersin with judgment and caution. Many
cases in which cajculated and neld measured stresses are
compared are needed in order for the accuracy of caleu-
lated stresses to be assessed.

PROBLEMS

B A soil has a unit weight of 110 pef and u lateral stress
coefficient at rest of 0,45, Assuming that the stress condition
is geostatic, drow & plot showing the vertical and horizontal
stresses from ground surface 1o 50-1t deprh.

8.2 A soll has the following profile:

0-10 1t vy = 110 pel
10-25 ft vy = 95pel
15-50 [t po = 113 pef

Assuming that the siress condition is geostatic, what is the
vertical stress at 40-ft depth?
8.3 The relationship between vertical stress and unit
welght is:
= B0 + 0.003a,

where 3/, is expressed in pefl and @, is expressod in paf. What
is the verticd] stress al @ depth of 100 [t in a deposit of thus
soil, assuming that the stress condition (s geostatic?

8.4 Consider the resulis shown in Example 84. Taks
horizontal and verticd! components of the stresszs. on rthe
inclined face and (comsidering the relative arza of the three
faces) show that the free body really is in equilibrium.

8.5 Congider Example B.5.

@ Rework the problem, but in step 3 constiuct a line
parallel to ihe plane on which o, acts Shaw that you get the
same Op.

Ch. & Siresses within a Soil Mass ]

b. Compute the stresses on the horizontal plane wsing
Eqgs. 8.6 and 8.7 (see Fig. 8.9)

8.6 Consider Example &6,

a. Rework the problem, but 1y step 3 construct o line
parallel 1044,

4. Find the stresses on b honizoninl plnne, and show the
stresses acting upon the free body,

Fig. P8.6

8.7 Given the lollowing stresses, find the magnitude and
orientation of the principal stresses. '

¢ /50 pui

30-?\2\;\:0 o
3 /\

Fig. P47

8.8 Draw stress pathis forihe foliowing leading conditions
on & pag didgrom

a. Initial condinon oy = o, =20psi. g, remiling constant
while o, increases 1o 60 psl,

b, Initial condition oy = 0, = 20 psi. @, remuins consint
while &, inereases to 60 psi

c. Initial condition 7, = a, = 20 psi. @, remains constini
while o, degreases to 10 psi.

4 TInitial condition a1, = a, = 20 psi
increase with Ao, = Aa, (3,

¢ Initial condilion o, = 2{ psi, o = |0 psi. o, remains
constant while ¢, decreases (o 7 psi.

[ Initial condition «, = 20 psi, o, = 10 psi. o, remains
constant while v, increases to 66 pai

a, and o, bhoth

89 The surface of an elastic body is loaded by a uniform
load of 1000 psf ever an area 20 ft by 40 fi. Find:

&. The vertien! stress ut wdepth of 101 below a comer of
the loaded aren

b, The vertica] stress at a depth of 20 ft helow the center of
the londed area.

810 A uniform load of 2000 psf is applied over a circular
area 15 It in diameter on the surface of an elnstic bady. The
clastic body has 3 =110 pel and K, =045, Find the
following stresses ut the center line at & deplhv ol 1011, bath
before and after [pading.

a. The verijcal stress.

b, The horizontal S1ress:

e. The maximbm shear gtiess
Mot the stress path for the loading.




CHAPTER 9

Tests to Measure Stress-Strain Properties

Il sojl were isolropic did linearly elastic It would be
possible 10 determine the slastic constants £ (Young's
modulus) and ux (Poisson’s ratio) from a single simple
test? and then to use thess constanis te cumpute the
relationship between stress and strain for other types of
tests. With soils such a simple approach Is penerally not
possible. Henge several different tests huve come into
common  use, cach designed to study stress-strain
behavior during o specific type of loading. Figure 9.]
depicts four of the most common lests used to study the
stress-strain behavier of spil. The apparatus required for
trianial compression lests also permits isolropic com-
pression tests] indeed, isolropic compression is the first
stipz of g triaxial test

Tius chaprer describes the key fentures of the apparatus
and procedures of these tests, Very careful testing tech-
nique, with pminstaking atlention to detail, 15 necessary
o obtain pood test results, Lambe (1951) destribes the
necessary apparatus and lechmiques in more detail,
Bishop and Henkel (1962) give a good treatrment of the
triaxial test.

21 OEDOMETER TEST

It the cedometer test, slress is applied 10 the soil
specimen along the vertical axis, while strain in the
horizontal directions is prevented, Thus the awial stram
is exaclly egual o e volumetric strain. Figure 9.2
shows cross-sectional views through (wo common types
of oedometers. Other names {or this lest are the one-
dimensivial compression jesr, the canfined compression
iont, and the camsoliduiion rest. The last dame is applied
because (his form of test was first used extensively to
study Lhe conselidation phenomenon (see Chapters 2
and 27).

v this test the ratioof the lareral stress to the vertical
stress is Ny, Lhe voeficient of lteral sivess at rest [see
! This procedure is diseussed in Chapier |2,

116

Suetion 8.2). The stress path for this t2st is shown in
Fig. 9.1, and previously has been given in Fig. 8.11c.
Shear stresses aud shear strains as well as compressive
stresses and volume changes oceur in this test, hut since
the soil is prevented from failing 1 shear, compression is
the dominant source of strain. The test is popular
because it is relatively simple to perform and hecause the
strain condition 15 approximately similar to one [re-
guently encountered in actual problems.

"The major experimental difficully with the oedometer
tost iz side Triction: shear forces develop along the
cylindrical surfoce of the specimen as vertical strains
vecur. The presence of side Triction disturbs the one-
dimensional state of strain and prevents-some of the
axial force from reaching the bottom portions of the
specimen. To mimmize the effect of these side friction
forces the thickness-diameter ratlo of the specimen is
kept as small as practicable, usually 1:3 to 1:4. ,Use of
the foating ning container (Fig: 9.24) also helps to
minimize the effects of side friction. Many attempts have
been made to minimize side friction through use of
lubricants and plastic liners, and these wehnigues have
proved to be of some value. Apparstus compressibility’
miay also bea difliculty when testing the relatively incom-
ressible soils, and special devices are then necessary
{(Whitman, Miller, and Moore, 1964).

In the common form of vedometer the lateral stréss
developed during the test is not measured, Figure 5.3
shows a special nedameter that permits the measurement
of the Interal stress. Strain gages mounted on the metal
ring sense any lateral straining of this ring, and the
lateral pressure:is then adjusted to give zere Jateral strain.
By a similar arrangement it is possible to carry out a one-
dimensional compression test using & trianial form of
apperatus; ie., a narrow ring placed around the mem-
brane senses lateral strain and the chamber pressure is
adjusted to make this strain zero. The problem of side
friction is thereby eliminated.
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Fig. 9.1

9.2 TRIAXIAL TEST

Figure 9.4 shows the basic idea of the rriaxial test, the
most common and versatile test used to determine the
stress-strain properties of soil. A cylindrical specimen
of soil is first subjected to a confining pressurs a, which
equally stresses all surfaces of the specimen. Then ihe
axial stress is increased Aa, until the specimen [ails.
Sinee there are no shearing stresses on the sides of Lhe
cylindrical specimen, the axial stress o, 4 Ag, and the
confining stress o, are the major and miner principal
stresses, ay &nd oy, respectively. The incremert of axial
stress, Ao, = 0, — u,, 15 the deiiator stresy.

The triaxial test is simply a special version of the
eylindrical compression test that is used to determine the
mechanical properties of many materials, such as con-
crete. Usually there 1s no confining pressure during a
test on coicrets, although a confining prassure may be

Cammon types of stress-strain tests,

employed in some very special tests. However, a con-
fiming pressure is usually essentin] when testing soil, The
reader will alrendy be well aware thut @ specimen of dry
sand will not stand without confinement. In following
chapters we shall see that the confining pressure his dn
important influence on the stress-strain behavior of soil.

Size of Specimen

The sail eylinderis commonly about 1.5 in. in diameter
and from > to 4in. in length, Specimens about 3 in. in
diameter and from 6 to 8 . long are also encountered
frequemly, Much larger specimens are used in the
testing of soils contuining gravel,

Confining Pressure

The pressure vessel is usually compased of o irans-
parent plastic cylinder with metal end pieces. Typical




L1 FART 1 DRY S01L

Cover

Standpipe

T =T = LTS
et 7=: Porous stons rveil
L = = -

Ring
Soll speciman /

Fo1eu e Poraus stone 55001 0

H
iy

Bazy
(a}
Comer
it Tl Pordus sfone s s
e e T e =l Riog
Soll specimen
E-::;.'ﬂj Porgus s! an'ﬂ}'. ;'-'.:. s ’—
Base
(b}

Fig. 92 Common forms of oedometers, (a) Fived-ring
confainer, (b) Floaling-ring container. (Fron Lamnbe, 1951,

arrangements are shown in Fig. 9.5 Either gas or liquid
under pressure is used to apply the confining pressure,
although the use of a liquid (usually de-aired waler) 1s
preferuble.  Far confining pressures greater than 100 to
150 psi, metal reinforcing bands must be placed around
the |ucite, or the lucite replaced by a metal cylinder.

The soil 15 cneased by a Aexible membrane ar jackes
and two end caps. Thus the confining fluid does not
peactrite into the pore spaces.

Axial Loading

In the common form of Lriaxial test (herein termed
standard friaxial test) the soil i failed by increasing the
‘axial stress while holding the confining stress constant.
Thus tie stress path during the lvading is that shown in
Fig. B:10. Axial foree i1z applied to the loading piston
cither by means of dead welghts (comirolled stress test)
or by a geared or hydraulic loading press (controlled
strain test). When testing dry solls the rate ol loading is
lirtiited solely Ly the time required to observe and record
the data. Usually 5-30 nin. elapse from the time that
additional exial foree is first applied until the peak
resistance is reached.

Control of Pressure in Pore Spaces

1l a dry soil spzeimen is completely sealed, and if the
volume of the soil changes during loading, there must he
some change i1 the volume and pressure of the air
occupying the pares of the soil. A drainage system,
consisting ol a porous stone plus a passage to the outside
of the pressure vessel, is usually provided so that air can
move into or out of the soil and thereby preveat the
pressure change. The drainage pravision will prove to

= | o g
7N\
/I‘Z/’% Sl f ,_..-’  D=rings

% =\ N " /}
N

Strain BIE!S/

Fig. 9.3 Special ogedomeier permitting measurement of
lateral siress (From Heodron, 1963).

be of great importance during lests on soils containing
water, a3 will be discussed in Parts IV and V.

The drainage leature can also be used to accomplish a
special form of triaxial test: the vociamn trioxia! test. I
air is evacuated from the pores of the soil, 2 confining
pressure s caused by the difference between the atmos-
pheric pressure atting against the outside of the specimen
and the reduced pressure in the pores of the specimen,
A pressure vessel 15 not needed for this form af test, but
of course the confining pressure cannot be made greater
thai 1 atm.

Measurement of Volume Changes

It is nol easy to mike accurate measirements of the
changes in the volume of & dry soil, either as the confining

jﬁml Joad
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i

Fig. 9.4 Ecsential features af a triaxial cell,
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Fig. 85  Cross sectien of a typical triaxial cell.

pressure or the additional axial stress is applied. When
a soil is saturated with water, its change in velume during
o triaxial test can be determined by measuring the volume
of water that Nows into or out of the specimen. Fortun-
alely, as we shall szein Parl 1V, the stress-strain behavior
of dry and saturated granular soil 1s sumilar, provided
that the pore fluid can Aow frezly into or out of the pores.
Some of the 1est results presented in Chopters 9 10 12
were detlslly obtained using saturated specimens.

Even with saturated specimens il 15 difficull to make
very aceurate mepsurements of valume changes ocourring
within coarse soils, This is one of the reasons why the
oedomeler lest is often used to study volumetric strains,

Deformer Shapes of Specimens

Figure 2.6 shows typical shapes of specimens tested in
triaxial compression. Distertions such as these give rise
to difficulties in the interpretation of test results, The
change in the cross-sectiona) arez of a specimen is usvally
so large that it must be taken 1nto accounl when com-
puting axial stress from the measured axial forez. Dis-
tortion of the eylindrical shape, which arises primarily
because of the restraints imposed by the nigid end caps,
makes it difficult 10 determine the change in area apd
otherwise introduces errors and unceriainties into
measured stress-stram data, Several schenies have been
deyeloped which frecly permit lateral motions between

/?' Hhubher O nngs 7

(From Bishop and Henkel, 1962.)

the soil and the end enps, nnd thus help 1o minimize
distortions (Rowe and Barden, 1964).

8.3 THE DIRECT SHEAR TEST

The oldest form of shear test upon svil is the direct
shear test, first used by Coulomb in 1776, The essential
clements af the direct shear apparatus are shawn by the
sthematic diagram in Fig. 9.1, The sail is held in a hox
that s split across its middle. A conlining force s zpplisd,
and then a shear force 15 apphed so as 1o cause relative
displacement between the twa parts of the box. The
magnitude of the shear lorces is recorded as il funétion of
the shear displacement, and usually the change in thick-
ness of thz soil specimen is also recorded.

Fig 9.6 Typical distarted shapes for triaxial spscimens tested
between rigid end caps.
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The shear box may be either square or circular in plan
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Fig. 9.7 Cross section through direet shear box (B. K. Hough—Z8usic
Swils Enginecring. Copyright @ 1957 The Ronald Press Co. N.Y.),

the direct shear test is similar to that of the triaxial

view. Typically the box will be 3-4 in.® and about 1 in.
inheight. The normal load is applied either by d loading
press or by means of dead weights  |n most devices the
normal stress will range from 0 10 about 150 psi. The
shear force is applied either by desd weights (spess
centyolied 1esl) or by a motor actihg through gears (siramr
vonireited fest). When testing dry soils the duration of

test,

Figure 9.7 shows a cross section through a typical
iirectshear box. The porous stones shown in this fipure
are not necessary for tests on dry soils, but are essential
for lests on moist or saturated soils, as will be discussed
m Part 1V, Specific procedures for conducting a direet
sheir test are presented in Lambe (1951),
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foe triaxial lesis,




Figure 9.1 indicates the stress path for a direct shear
test. First there is a K, loading as the vertical force Is
applied. Then application of the shear foree causes an
increase in g and alse an increase in p. The stress
path cannot be drawn exactly for such a test; since only
the siresses on a horizontal plane are known, the entire
state of stress is unknown. A recent, improved version
of the direct shear test is deseribzad by Bjerrum and
Landva (1966).

9.4 OTHER TESTS

Numerous devices have been icreated 1o permit special
types of tests. There are devites Lo sludy stress-strain
behavior dumng dynamic loadings. There are also
devites to study stresssstrain behavior in plane straimn
(Bishap, 1966) and in simple shear (Roscoe, 1961).

Any loading eondition not involving & rotation of the
principal stress directions can be simulated in 8 triaxial
cell. Examples of typical test conditions, together with
the nomenclature used, are given in Fig 9.8, The com-
pression unloading test is accomplished by reducing the
chamber pressure while adding force to the Joading piston
in erder to kesp the axial stress constant. To accomplish
the extension tests t is necessary to pull upward on the
Ioading piston. Ttalso is possible to run a test so that the
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sum o, 4+ 0y = o, + @, remains constant, ic., the
stress path marked D in Fig. 8.11a.

4.5 SUMMARY OF MAIN POINTS

1. Because soil 13 such a complex materiul, no one test
suffices for the study of 2ll important aspects of
stress-strain behavior.

. The pedometer test is the easiest test Tor studying
volumelric stress-strain relabionships, while the
direct shear test is the easicst and oldest test for
studying shear strength.

3. The trianial test provides the best and most versatile
method [or studying stress-strain properties; A
great variety of actual loading conditions can be
obtained with this rest.

[

PROBLEMS

9.1 Problem 8.8 describes severnl types of loading con-
dittons which can be applied in a traxial cell, Using the
nomenclature given in Fig. 9.8, describe each condition a 10 f
as vertical compression loading, et

9.2 An oedometer tesl is run startmg from zero stress,
When o, = 100 psi it is observed that o, = 45 psi. Draw the
stress puth for this sty assuming that the ratio myfoy 15
panstant throughout, What are K, and i for this soil?




CHAPTER 10

General Aspects of Stress-Strain Behavior

This chapter begins our study of the stressstrain
nroperties of sails by illustrating and explaining the
deformation of dry granular soils.  Because of
the particulate nature of the mineral skeleton af sail, the
stress-strain behavier of soil s exceedingly complex. In
this chapter we shall rely on diagrams to gid us an
deseribing this behavior. Subsequent chapte s will pre-
senl simpfc. approximate ymathematical expressions for
specific, limited situations.

Chapter & presented the concept of stress for o par-
ticulate system. The application Lo soil of the concept of
strain may be understood with the aid of Fig. 10.1. The
two particles shown in this fipure are separated by o
distance L, which is large compared to their size. 1l these
particles move toward each other by an amount AL, then
the unit compressive striin e s defined as AL,

Like stress, steaill is a tgnsor guantity, and we must be
careful to define-strain.  In this book we shall be con-
cerned with!

[ the vt conpressive strain along some
specified axis

iy the unit shear stedin referenced to two
specificd axes
AFfF o the unit volumetric strain

Positive compressive strain is shortening;
volumetric strain is 2 volume decrease.

pﬁsitw:

1.1 MECHANISMS OF STRAIN

The strains expericnced by an clement of Soil are
theresult of strains within and relative motionsumong the
many particles composing the element. At cach of the
enntacts hetween particies, the local strains may be very
large, much larger than the overall stram as defined
previgusly. In order to understand the overall stress-
strain behavior of the element, itis necessary to appreciate
Justwhat poes on inside the element. Chapter 2 discussed

122

the mechanisms thal contribute to the deformation of
soil. Fundamentally there are two mechanisms in gran-
ular soiis: distortion (and crushing) of individual parti-
cles, and rzlative motion between parlicles as the result of
shiding or rolling. However, these two mechanisms are
selderm mdependent of one ancther. For example, the
array of particles shown in Fig. 10.2 would be stabie under
the spplied forees il the particles were rigid and did not
shde relalive Lo each other. Since actual particles srenot
rigid, deformation of the particles will cause slight move-
ments of the arrny, leading to collapse of the potentially
unstable array, While refative motion betwsen particles
causes the large strains often encountered in soil, these
motions generally would not be possible if it were not for
disloriions of particles.

Several simplified models have been proposed lo
gxplain the inieractions nmong particles. Ths theory for
two elastic spheres in contuct has been used to analyze
and predict the strains that would result from elastic
distortion of particles. This theory is deseribed in detail
by Derssiewicz (1958). Scort (1963), Rowe (1962), uiid
athers have developed theories which consider sliding
and rolling motions within regular packings of npd
spheres, and (his theory has been used lo study Lhe
strength behavior of granular soils. Still other theeries
have simuiraneously considered sliding within regular
packings of deformable spheres (ses Hendron, 1963, and
Miller, 1963},

The motions within an actual soil are far too complex
to be analyzed by ‘any simple model. At any instant
during the deformation provess, different mechanisms

— al
=

i L-AL |
. T T S| S —
i . 7

Fig, 10,1 Definition of stin in a pariculate system




Fig. 102 Collapse of an unstable array of particles,
1

may be acting in different parts of an element of soil. At
any one spot within the element, the relative importance
of the different mechanisms may change as the deforma-
tion process conlinues. Nonethzless, the simple models
serve a very useful role by providing o hasis for inter-
preting expetimental results for actual soils. Sceme of the
more important tesults obtained from these simple
models will be noted in the following sections.
&

10.2 VOLUMETRIC STRAINS DURING
ISOTROPIC COMPRESSTON

Large volumetric strains can occur during isotropic
compression as the result of the collapse of arrays of
particles as sketched in Fig. 10.2. Each such collapse
causes rolling and sliding between particles, and as a
result tangential forges occur at the contact points
between particles. However, such tangential forces
average out to zero over a surface passed through many
contact points, Thus the shear stress on any plane is
zero even though large shear forces exist at individual
contacts.

The volumetric stress-strain relationships of soils are
very similar during both isotropic and confined com-
pression.  As ohserved in Chapler 9, it is easier to per-
form an oedometer test than an isotropic compression
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1est. Mareover, conlined compression is a commoy
situation in nature; 1t ocours during formation of ¢ soil
by sedimentation and when vertical loads of large lateral
extent are applied to soil strata. On the other hand, pure
isotrapic compression seidom is encountered in nature.
For thest reasons, isotropic compression will not he
considered in detail. Qualitatively, the stress-strain reln-
tions presented in Section 10.3 [er confined compression
apply to isotropic compression as well. Quantitatively,
the relationships are samewhat different. For 6 piven
change in o, the change in the sum of the principal
stresses (oy 4+ o2 + @3) 15 greater during isotropic com-
pression. Hence a given change in o, will cause a greater
volumetric strain during i50iropic compression.

10.3 STRESS-STRAIN BEHAVIOR DURING
CONFINED COMPRESSION

Figure 10,3 shows the stress-strain behavior of a me-
dium to coarse unilorm quartz sand during confined com-
pression. Initially the sand was in a dense state. The
strain 7s the vertical strain, qual to the volumetric strain,
based on the crigmal thickness of the specimen. The
stress is the vertical stress. The data are composite
results from several cedometer tesls, using conventional
equipment for the lawer range ol stresses and special
equipment for the larger stresses, Nole that the stress-
strain curves are plotted with positive (1.e., compressive)
strains dewnward, This is common practice in soil
mechanics since compressive strains are associated with
settlement (g, downward movemernt),

Figure 10.3¢ supgests that the stress-strain behavior of
sand should be considered in three stages.

1. For stresses up to about 2000 psi, the stress-strain
curves are concave upward. Thus the sand gers
stiffer and stiffer as the level of siress increases.
This farm of stress-strain behavior, called locking,
is very characteristic of particulate systems. The
strains result primarily Trom the type of action
shown in Fig. 102, As the stress is increased, first
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Fig. 10.3  Stress-strain curves for gonfined compression. Ottawa sand. initial porosity = 0,375,
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loase arrys within the sail will eollapse, and then
the denser arraye will. Each such movement resulls
i & more tightly packed, hence stiffer, arrangement
of particles. Finally, a stage is reached in which
alreudy dense arrays are being squeezed more
tightly togsther us contact points crush, thns
allowing a little more sliding.

Starting al about 2000 psi, the stress-strain curve
begins to develop a reverse ourvature and becomes
concave Lo the strain axis, This yielding is the result
of fracturing of individual sand pasticles, which
permits farge relative motions between particles.
Distinct popping sounds gan be heard at this stape
of loading. Microscopic examination and grain
size analyses before and aflter testing show that
considerable particle degradation acually otéurs
(see Figs. 4.2/ and 4.21).

. Fracturing the particles permits stll tighter packing

of the new and remaining parlicles, Since the
number of particles has now increased, the average
force per contact has actually deereased. Thus the
sand once again becomes stiffer and s1iffer as the
stress inareases stll further.

These same general processes take place during the com-
pression of all granular soils, although seldom in such
distinet stages. Figure j0.4 shows results for several
typical notural sands. Sliding between particles is usually
present at all stress levels. Crushing and fracturing of
particles actually begins in & minor way at very small
stresses, but becomes increasingly important when some
critical stress is reached. This critical stress i5 smalizst
when the particle size is large, the soil is loose, the
particles dre angular, the strength of the individual
mineral particles is low, and the soil has a uniform
gradation.

In ‘most engineering problems the stress levels are
usually small enough so that particle crushing is rela-
tively unimpartant. For these problems, stress-sirain
curves for confined compression typically are of the
locking type, as shown in Figs. 1U.3a and 10,36, Usually
fracturing anly becomes: important when the stresses
excesd 500 psi. Stresses greater than this magnitude ars
encountered in very high carth dams, and also in prob-
lems invalving the subsidence of large areas as the result
of pumping oil or water from deep strata. In the cuse of
wniform rockfills with very large particle sizes, fracturing




may be very important for stresses as small as 100 psi.
The fracturing of particles has been studied by Roberts
(1964), Hendron (1963), Marsal (1963}, and Lee and
Farhoomand (1267).

Behayior During Unloading and Reloading

As shown in Fig. 10.5, only & portion of the strain that
occurs during loading is recovered duning subsequent
unloading. The strains that result from sliding between
particles or from [racturing of particles are largely
irreversible. Thig rebound upon unisading is caused by
the elastic energy stored within individual particles as
the soil was loaded. However, there actually is some
reverse sliding between particles during unloading.

Figure 10.5 also ilJustrates the behavior during reload-
ing of a sand which has been loaded and then unloaded.
For stresses smaller than the maximum stress of the first
loading, the sand is much stiffer during the reloading than
during the first loading, since much of the potential
sliding between particles has already occurred during the
first loading. When the sand s reloaded 1o stresses
greater than the maximum stress of the first loading, the
stress-strain curve is essentially the same a3 if there never
had been any unloading

Figure 10,6 illustrates the effect of eycling the stress
between two fixed limits, Durng the first 10 10 50 cycles,
a small amount of permanent strain results from each
cycle. Finally, a stable hysteresis loop is obtained,
involving little ar no additional permanent strain for 2
cyele of loading (Fig. 10.7a).

Il V== e
= [
B e\ e
£ Elkh Y
£2 5 N
g 1T . mE
= |
E .
3 :
= 3 \.\
2 A
T i N
1 ""--.F‘f r'\\
ot S
M ] T .
[ . | |
4] 10 20 30 dan

Vertical stress, o, [hg/em?)

Fig. 105 Oedometer test results fora well graded. calcarcous
sand from Libya.
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The sequence of events during ¢yclic Joading can be
explained by using results fram a theoretical study of an
igeal packing of elastic spheres (Miller, 1963), 1t is
possible 1o pet one-dimensional straining of such an
array, as indicated n Fig. 10.7¢. The normul forces at
the contacts compress the spheres, but shding occurs so
that the resultant relitive motion s purely vertical. Upan
unloading, the particles regain their original shape and
sliding occurs in the reverse direction. Some small
amount of energy is-absorbed during each loading cycle.
The sams general pattern of events must occur in actual
soils.

For most enginesring problems, time effects during the
compression of sands are of no practical importance.
Figurz 10:8 shows the typical behavior. All but the final
few percent of compression takes place within the first
few minutes.

For compression at siresses large enough to cause
significant fracturing of particles, however, there is a
significant time lag, as illustrated by the typical com-
pression versus time curve shown in Fig. 109, For most
soils, this occurs only for very large stresses. Hewsaver,
for soils consisting of weak particies or al weakly
cemented particles, significant time effects may occur it
ordinary siresses.
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Whitman (1965) has discussed the importance of time
eifects during loadings of very short duration,

Small Increments of Stress Superimposed on an Initial
Siress

The stress-strain behavior is shown in Fig. 1010,
Sliding betwzen particles does not begin until the stress
increment exceeds some critical level. For smaller inere-
ments, strains result only from elastic defermations of
individual particles (Whitman, Miller, and Maare, 1564).

The stress required Lo initiate interparticle siiding
increases with increasing imitial stress and decreasing
void ratio. This eritical stress is incrzased when the soil
has been leavily prestressed by previous loadings, and is

larger [or rapid loadings than for slow loadings. For
mast engineering problems this critical stress is probably
less than 1 psi and hence is of no practical concern.
However, Lhis initial range of stressestrain behavior fs
important to the study of wave propagation velocities.

Lateral Stresses duting Confined Compression

During confined compression, particle motions are,
or the averape, in onc direction only. Thus when the
tangential contact Torces are summed over the many
contacts lying on some sucface, there should be a net
tangential force; ie, a net shear stress on the surlage,
Hence, in general, the horizontal stress will differ {rom
the vertical stress during confined compression. The




ratio of horizontal to vertical stress is, by definition, Kj,
the lateral stress ratio at rest.

When & granular soil is loaded for the first time, the
frictional forces at the contacts acl in such a direction
that o, is less than a,; ie, Ky < 1. The magmiude of
K, must depend on the amount of frictional resistance
mobilized at contact peints between particles. Figure
10.11 shows data giving velues of K, as a function of the
friction angle g.! For a few soils, such as the Sangamon
River sand, the value of K, can be predicted by a theoret-
ical equation based upon the study of an idcalized packing
of clastic spheres. However, experimental values of K,
are best represented by an expression suggested by Jaky
(1944):

Ky=1—1sing {01
Combining Eq. 10.1 with Eq. 8.12, which defines the
slope J of the K, stress path, Ieads to

sin ¢ -
i e ] 10.2
s 2 —sind ( )
and
i et (10.3)
1+ tan f

As indicated i Fig. 10.7d, the direction of the frictional
[crees at contact points between particles begins (0
reversé during unloading. For a given vertical stress, the
harizontal stress will be larger during unleading than
during the criginal loading. During the later stages of
unloading, the horizontal stress may even exceed the
vertical stress. This pattern is shown by the experimental
dara given in Fig. 10.12. During reloading of a soil, the

1 4 will Be defined in Chapier 11; it is the prak friction angle.
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Fig. 10.8 Time curve lor & typical load increment on sand
(From Taylor, 1948),

lateral stress ratio generally starts out at a value greater
than that given by Eqg. 10.1, and then decreases to this
value as the stress increases. During eyelic londing and
unloading, the stress path will be as'shown in Fig. 10.75,
with the lateral stress ratio alternating approximately
between Ky and 1/K.

10.4 STRESS-STRAIN BEHAVIOR DURING
TRIAXIAL COMPRESSION

Figure 10.13 shows a typical set of data from & triaxial
test upon a sand. The stress path for this test is given
in Fig. 10,14, The specimen was first compressed iso-
tropically to | hg/em® by increasing the chamber pressure.

Then the vertal (axial] stress was increased while the

honzontal stress (chember pressure) was held consiant.
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Figure 10.13 plots g, squal to one-hall the deviator
stress, versus the vertical (axial) strain. This stress-strain
relation becomes curved at very small strains and achieves
a peak 2lastraim of about 3%, The resistance of the soil
then gradually decreases unti] this rest was arbitrarily
stopped ata steain of 11.6%. 7 the test hiad been carned
to larger stramns, the stress-strain curve would have
leveled ofT at a conatant vilue of stress. For further dis-
cussion of thisstressssirain behavier, 11 is uselul to define
three stages in the straining process:

1. Aninitul stage during whicl strains are very small.
For the test shown in Fig. 10.12 this rangs extends
to a strain of abour 4%

2. A range which bepins when the specimen begins to
yield and which inciudes the peak el the curve and
the gradunl decrease of resistince past the pezk.
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For the test shown, this range extends fram 1%
strain unul the end of the test.

3 A final range during which the resistance is constant
with further straining. " This range is called the
wliimate condition:

Behavior During Initial Ranae

Buring the initin} range the volume of the specimen
decreases slightly, as shawn i Fig, 10.13. Part (¢) of the
fipure shows that 1hz specimen is bulging shighily so that
the horizental strain is negative, but numerically the
horizontal strain ts less than the vertical strain.

This is exactly the patiern of behavior that would Fe
expected when the compressive stresses are increasing,
In this stage the particles are being pushed 1nto & denser
arranpement. The peneral behavior is very similar to that
during confined or isotropic compression. Figure 10.15
compares the stress-strain behavior during isotropic,
confined, and triaxial compression upon identical speci-
mens which initially had the same void ratic and earried
the same vertical stress.

Behavior af and nzar Peak

Withim this range the soil [alls, The devialor stress at
the peak point of the stress-strain curve js called the
campressive strength of the soil. The value of ¢ at the
peak (i.e., hall the compressive strength) f5 related to
the shear strength of the soil,

The behavior during this stage is quite different from
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praded calcarsous sand from Libya,

that during the initial stape, and can be explained by
studying the deformation of a planar arrey of rigid
spheres. Figure 10164 shows a unit element from g
densely packed array, When this element is compressed
vertically, strains can result enly if the spheres Cand £
move laterally. This pattern of motion must be zccom-
panied by an increase in the volunie of the array, as can

be seen by comparing the void spaces in parts (¢} and (&)

of the figure. Figure 10,135 shows that just such a volume
increase occurs during leading of retual soils. Ivis a
remarkable fact that a dense sand, whert compressed in
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Fig. 10,34 Stress path for stapdard triaxial test on well
praded sand from Libya.

one direction, agtually inereases in volume. The facl was
first ohserved and investigaied by Osbourne Reynoldsin
1885, Reynolds applied the name di/atant to this volume
increase effect.

The planar array of spheres can also be vsed to study
the conditions that axist at the peak of the stress-strain
curve and to explain the decrease in strength past the
peak (Rowe, 1962}, However, these aspects of the
behavior can be more readily discussed using the sketehes
in Fig. 1017, which illustrate the concept of inferlucking.

Figure 10.170 shows soil particles sliding over a simooth
surface. This is the situation we dealt with in Chapter 6,
and for this sifuatian the shear resistance is given by ¢,
the mineral-to-mineral friction angle. However, the
sitnation ‘within setual soils 1s mere like that shown n
parts (&) and (c) of the figure: soil particles are in contie!
with other sail particles; and planes through the contact
paints dre inclined Lo the honzontal. In order to have &

Isolropic
compression Cranfined

COompression

Verfical stress

Triaxial
compression

Vertical strain

Fig. 10,13 Comparisen ol stress-sirain curves for three
typrs of compression.
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Fig. 10,16 Straing within regular array of spheres, (o) Initially dense arrdy. () Loosest condilion-uniform sirains, (¢)
Loosest condition—nanuniform strains. (@) Behavior of unit of elemom,

shear failure between particles, it 5 therefore not only
necessary to overcome the mineral-to-mineral [rictional
resistance, It is, in addition, necessary to make particies
move up and over one another

Hence the shear resistunceg of an actual soil mass 1§
made up of two components: (a) one whose magnitude
is controlled by &, and (&) a second component whase
magnitude is related fo the degree of interlocking. The
greater the degree of interlocking, the greater the overall
shisar rusistence. Thus for a given value of normal force
N, the shear force T necessury to start sliding will be
preatest in the situation shown in Fig. 10.17¢ and
will be least | the situation shown in Fig. 10.17a.

For the situations shown in parts (b} and (¢) of Fig.
10.17, the plates must start (o move apart just as soon
as shear motion between the plates commences. Asshear
motion continues, the degree of interlocking must
decrease, and consequently the shear Torce necessary to
continue the mation must @lso decrease. Thus, il we
sturt with the highly interlocked zrrangement of Fig.
10:17¢ and cause shear motion to occur, the arrangement
will tend to become more and more like the arrungement
shown in part (b) of the figure.

Il the Toregoing concepts regarding dilatancy and
interlocking are correct, the initial vaid ralio should have
a preat effect upon the stress-strain curves during tri-
axial compression. The data in Fig. 10.18 show that this
is true. For the dense specimen, the curve of deviator

stress versus axial strain shows a pronounced peak and
the deviator stress decreases following this peak. On the
other hand, the corresponding curve for the looss sg_)-cci-
men doés not have & peak, and the devidtor stress remains
essentially constant with further straining once the com-
pressive strength is reached. Furthermore, the dense

Quarts particies
cefmunted to
upper plate

Bl LA
T

Quartz paricles N
cemented to

8
20
AR

Quartz particles
~ cemartad la N
lomer plate
) (<)

Fig. 10:17 Example of interlocking. () Smooth sliding
surface: (b) Slightly interlocked surfaces. (¢) Highly imer-
locked surfacss,




specimen expands in volume 1o a very marked degree as
the specimen is strained. On the other hand, the loose
specimen first decreases in volume, then expands once
again, and finally ends up at almost the volume at which
it started.
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Fig 10.18  Stress-strain curves for loose and dense specimens.
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Thiz following patterns of behavior are Just what would
be predicted by the concepts of dilatancy and inter-
locking:

1. The denser the sand, the greater the Iaterlacking,
hence the preater the deviatar stress, hence ihe
greater the ftieton angle.

2. The denser the sand, the greater the valllme increase
which must occur.
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Fig. 10,19 Behavior during repeated loading in triaxial
compression.  [{n) From Rowe;, 1962, (&) From Shannon
et al,, 1859.)
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3. As the sand expands, the resistince to straining
decreases.
4. This decrease is most marked in the densest speci-
MENs.
We shall return to a diseussion of these very impartant
facts in Chapler 11.

Fig. 10,20 Siress paths for various loadings.

itimare Condition

In the ultimate condition, the interlocking between
the soil particies has decreased to the point where con-
tinuous shear deformation can continue without further
valumechange. The vaid ratio at this stageis independent
of the initiel void ratio before shearing was commenced.
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Fig. 10.21

Stress paths for nonfailure loadmgs.
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Efect of Unloading and Reloading

Figure 10.19 shows some typical stress-strain curves
obtained as a result of successive cycles of loading and
unloading. The general [catures of these curves are
similar to those obtained during ane-dimznsional
compression.

10.5 BEHAVIOR DURING OTHER LOADING
CONDITIONS

The loadings on typical elements of soil in the ground
generelly will be neither exacily these for standard tri-
axial nor those for confined compression. However,
study of behavior during confined and triaxial compres-
sion has revealed the essential features of the stress-strain
relationships in dry granular seils. It ususlly will be
possible toinfer the siress-strain features which will.gecur
with the actual Joading from those presented in Sections
10.3 and 10.4.

For example, Figs. 10.20 and 10.2]1 give stress paihs
for & variety of loading conditiens which can be accom-
plished in 2 traxinl cell. Figures 10.22 and 10.23 give
the resulting stress-strain data. For convenence in
plotting, the values of g have been divided by the vertical
stress o, A7 the beginning ot the test. A careful study of
these figures, especially of the daw reparding volume
changes and horizontzl straing, will be rewarding,

Behavior During Direct Shear Test

The general behavior during direct shear tests is
exactly similar to thut during trizxial compression tests.
Figure 10,24 shows a typical set of resolts frem 2 direct
shear test upon ¢ loose sand. Resulss for a dens: sand
would show a peaked stress-sirain curve and an increase
111 the thickness of the specimen during shear.

In the usunl direct shear test, most of the distortion
occurs ina thin zone of unknown thickness, The strain
in this zone, which determines the shear resistance, henee
i& quite different from the displacement between 1he two
parts of the shear box divided by the thickness of the
specimen. Therefore it 15 very difficult to pet ather than
gualitative stress-strain data from the usunl direet shear
test.

1.6 SUMMARY OF MAIN POINTS

This chapter has explained theorerically and illustrated
experimentally both the mechanisms of deformation of
granular soils and eertain importent characteristics of the
stress-strain behaviar, The mauin cause of strain, except
far very, very small striins, 1s relat/ve movement (shding
and rolling] betwezn particles. Deformations of particles
are also important [n that they permit the relative move-
ments to gceur. Crushing and fracturing of particles is
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Fig. 1024 Typicnl resulis fronva direct sheartest on a loose
sand.

especially important for stresses greater than 500 psi.
For wvery small strains only elastic deformation of
particles oceurs.

I, Tn both confined compression and trinsial com-
pression the lollowing characteristics of stress-sumin
behavior exist

a. A highly nonlinear stress=steain curve,

b A hysteresis loop in the stress-stram curve.

¢. A net compressive strain developed by a eyels of
loading #nd unloading.

d An increpsed stiffness developed by n cyele of
loading snd unloading,

2. In confined vompression the following characteris-
tics exist:

g. The stiflness incredses with increasing stress
{excepl possibly Tor very small stress changes),

b Ky is approximately canstant at | — sin ¢ during
initial loading, but increases progressively during
unloading,

3. The characteristics of triaxial compression are:

a. The stilfness decreases with increasing stress untfl
peak strenpth is reached.

h. Dense sands tend to increase in volume as they
are compressed, whereas loose sands experience
little volume change,
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¢. Dense sands lose strength when strained beyond
peak strength, but Joose sands do not.

Thus far our discussion of siress-strain behavior has
been primarily qualitative. We have avaided saying lraw
much sirength 2 soil has or how large its stiffness is. In
the neat two chapters we turn to quantitative can-
sideration of stress-strain, first of strength and then of
stiffness. :

PROBLEMS

10,1 Plot the siress path for the loading ‘and unloading
shown in Fig. 10.12a.

10.2  Using the data in Fig. 1013 at 4% vertical strain,
show that the value of horizantal strain is consistent with the
volume change. What would the horizenial strain have been
il there were to be zero volume change ? (see Eq.12.5)

103 Using the dat for loading 2 in Fig. 10.23, state
whether the soil increased or decreased in volume,




CHAPTER 11

Shear Strength of Cohesionless Soil

—

This chaptsr discusses the various factors that deter-
mine the shear resistance of dry granular soil, These
factors fall into two general groups.

The first gronp meludes those factors that affest the
shear resistance of a given soil: the veid ratio of the sail,
the confining siresses, the rate of loading, <te. 1t 18
necessary to understand the influence of these factars so
that the strength appropriate for a practical problem can
be measured. Of these factors, void ratio and confining
stress are by fas the most impartant, The effect of veid

_ratio has already been mentinned in Chapter 10, A studjr
of the effect of confining stress will be the starting point
for this chapter.

The second group includas those factors that cause the
strength of one soil to differ from the strength of another
s0il, even for the same confimng stress and void ratio:
the size, shape, and gradation of the perticles making up

the soil. Knowledge of the effects of these factors is

important when selecting soils for embankments, dams,
pavement subgrades, efc.

11.1 EFFECT OF CONFINING STRESS

A ryplcal program of triaxial tests to eswablish the
influence of confining stress on strenpth invelves the
following steps: (g) make up two or more evlindrical
specimens of o given soil, all kaving the same void ratio;
(&) place the specimens within trigxial cells, and subject
zach specimen to a different confining stress o,y = o040
and {¢) |ond each specimen axinlly, recording the resulting
vertical stramns and volume changes.

The curves in Fig: 10.22, Tests | and 2, show typical
results from such tests. In order to make clear the
influence of the confining stress, the stress-strain curves
have been normalized with regard te the confining stress;
i.e., the value of g at dny striin has been divided by o,y
The mormalized curves for these two tests are very
similar in shape and magnitnde. However, there are
some important trends which should be noted,

1. AS oy, increasss, the peak normalized stress de-

cizases slightly. There is a slight increase in the

strain at which this peak oceurs,

The normalized siress in the ultimate condition is

more-ar-less independent of o,,.

3. The volume increase is less in the case of the fest
with the larger conlining stress.

2]

This pattern of results is explainable by two concepts,
First, grenular soil 5 frictional. The resistgnce 1o

sliding nt each contaet point is praportional to the normal

foree at that contact, and hence the overall resistance
increases as the confimng stress increases

Second, interlocking also contributes to the overall
resistance.  The pature and importanee ol interlocking
were discussed in Chapter [0 Interlocking decreases gs
the confining srress increascs, because the particles
becnme flattened at contact peints, sharp corners are
crushed, and particles break. Even though these actions
result in a denser spécime, they mike It ensier for shear
deformutions to occur.

Thus granular soil 15 a (nictional material, but with a
deviation fram purely frictiona) behavior because of the
effect of confining stress upon interlocking. The soil used
to obtain the data shown in Fig. 10.22 was compesed of
weak earbonate particles with o tendency for erushing
and breaking. Thus the deviation from u simple fric-
Lional behavior was emphasized. For a sand coamposed
of quartz particles, the narmalized stress-strain curves
and volume change curves would have been almost
identical for the \wo different confining stresses. The
deviation from pure frictional behavior is decraased by
nsing confimng stresses which are only slightly different
from each other, and increased by using ane small and
ane very large confiniing siress.

Muohr-Coulomb Failure Law

The strength of a soll is usually defined 1n jerms of the
stresses developed at the peak of the stress-struin curve
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200

(psi}

&
g

M

Fyg. 111
and Gibbs, 1538).

(point Pin Fig, 10.13). Figure 11.1 shows one methed of
representing strength. The data come from six triaxial
tests, cach at a different confining stress, an o sand-
gravel mixture.

First, Mohr circles are drawn to represent the states-ol-
stress.al the peak poinis of the stress-strain curves.! The
subseripls fdenote that this is the failure condition. Then
a line is drawn tangent 1o the Mohr circles. This curve s
called the Mahr failure envelope, ufler Otte Mohr, who
first wrote about general strength theory in 1882,
The physical meaning of the Mohr envelope may be
understood from the [ollowing statements.

I I the Mol circle for a given state of stress lies
entirely below the Mohr envelope [or a svil, then
the seil will be stahlzs for thar state of stress.

Z. I the Monr circle is just 1angent to the Mehr

i
! For convenience, only 1le upper hall of the Mohr diagmm Is
shown; the whele diagram would be synuncirical about the
harizonial asts.

Tﬂf

Mahr envelope

200 300

Cgp 05T

Mohr envelope for a sand-grave! mixture (datz from Holte

envelope, then the full strength of the soil has been
reached on some plane through the soil.  This
siluation is shown i Fig. 11.2. The limiting stress
condition ocours on a plane inclined at an angle of
0., 10 the plane on which the major principle stress
isacting. This plane is called the jailure plane. The
stresses on this plane are writlen as ¢, and 7,,, the
normal stress on the failure plane at failure and the
shear stress on the failure plane at fallure.

3. It is not possible to have within a soil a stale-of-
stress whose Mohr circle intersects the Mohe
envelope for that soil. Any attempt to impose such
a slate-of-stress would result in wnlimited strains,
i.e., failure,

The Mohr snvelope may be written in functional form as

(11.1)

o =J(0)

The Molir envelope shown in Fig. 11.1 is a curved line.

" 1 e '

Faflute plane —

L ]
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Fig. 11.2  Stresses at failure,
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Fig. 113 Stralghi-line approximations to eurved Mohr
envelopes.

This is generally true for granular soils tested using a wide
range of confining stresses. The reasons for this devintion
from simple frictional behavior have been discussed
carlier in this section. However, for most caleulations
regarding the stability of a soil mass, it is necessary to
use 2 fzilure relationship, that js a straight line. Thus
the strength is expressed by the Mofir-Cowlomb failure
faw:

Ty =€ + oy, tan @ (11.3)
where ¢ is ealled the cohesion or cohesion intercept, and i
is called the fricifon augle or angie of shearing resistance.

The way in which a straight line 1s fitted 1o & Mohr
envelape will depend on which range of o, is of interest,
Figure 11.3 illustrates two ways in which the Mahr
envelope of Fig. 111 might be fitted by a straight line.
Line 4 is & valid fit for a,, between 0 and 25 psi, while
line B is the best fit for o, between O and 200 psi. The
values of ¢ and ¢ applicable to this sand-gravel mixture
also vary with the ringe of o, that is of interest The
acrual Mohr envelope for this soil passes through the

Tar

Ch. 11 Shear Sireagith of Cohesionless Soil . 139

origin of the Mohr diagram; the soil will not stand nsa
cylinder if the confimng pressure is zero. In this sense,
this sand-gravel micture is cohesionless. However, in
order to use Fq. 11.2 over a large range of stresses, it is
necessary 1o use a cohefion intercept.

If the Mohr envelope for a soil were a straight line
through the origin rather than a curve, then the failure
law could be simplified 1o

Ty = a, tan d (11.3]

Equation 11.3 has been applied to granular soils sver
since the early studies of Coulomb in 1776, However, it
is important 1o understand that this equation is an
approximation which is accurate only for relatively small
values of o, For the calcareous sand used to obtain the
data in Figs. 10.22 and 10.23, this limit is about 5 kg/em®
fabour 75 psi). For a well graded quariz sand, this limit
may be as high as 150 psi. The curvature of the Mohr
envelope is greatest for dense granulnr soils, and decreases
as & s0il becemes |poser. The Mohr envelope for the
strength in the nltimate condition apparently is quite
straight over a large range of siresses.

For most engineering problems, the stresses nre small
enough that it is rezsonable to use Eg. 11.3. However,
there are many problems such as high eartl dams where
the strength of & dry granular soil ean be satisfactorily
represented only by eithera curved Mohr envelope or by
Eq. 11.2. Another way to represent the true nonlinear
strength relation is to treat ¢ as 2 variable that depends
Upon confining pressure, .., ¢ = &(ay,). Thus.dis com-
puted from the slope of the straight line drawn through
the origin and tangent to the Mohr eirclé representing.
the stresses at failure (see Fig. 11.4). This merhod of
representing strength s not particularly useful when
making stability caleulations, but does make |t easy to
sez just to what degree the strength is nonlinear with
respect to confining siress.

For those cases whare Eq. 11.5 can be used, there are
simple uscful relationships between ¢ and the various
stresses that exist at failure, and between ¢ and .. Tlese

g corEspanding

f_.:%-—-""'_ Wl’a;]f}m

] [
fogedy  dagrlp LCETRIT
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Fig. 114 Mohr envelope and friction angle (or a large range of confining

pressure,
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» Example 11.1

Given.  Following peak stresses from standard triaxial tests upon @ dense, well-graded,
coarse quartz sand,

Value of prat Time

Confining Peak Axial Peak Valueof ¢ of Feak g
Pressire Siress o (": - “a.) - {“! + '5';)
M= gy oy 4 = 2 i Pt 2 !
(psi) (psil (psi). (psi)
15 76 . 305 455
10 148 58 B9
&0 iz 126 18¢
120 615 2425 362.5

Find.

g. & by constructifng Mohr snvelope,
b. & using relatipnships in Fig. 11.5.
& P

Solicion.

o, See Fig. EVLL

ann
. 200
8
=
100 |-
GD
Ty (pal)
Fig. EllL
b.
2if
¥ %r ¢
15 5.06 42.1*¢
] 4,93 41.6°
] 5.20 42.7°
120 505 a2 1"
ave. 42.1°
[
. dur
., = a5+ — =066"



relationships are presented in Fig. 11.5. The quantity
(1 - sin ¢)/(1 — sin ¢) recurs [requeatly in soil mechan-
ics and 15 given a special symbal:

N, oo Ltsing
g I —sin ¢

N, is called the flow factor. Example 11.1 illustrates the
application of these relationships to a st of data Wiluch
can he fitted quite well by Eq. [1.3. In the remainder of
thischapier, we shall use Eq. 11.3 to describe thesirength
of various grarularsoils, thus we shall talk only in terms

of values of ¢.

Meaning of Mobr-Coulomb Fiilure Law

Equation 11.2, or the simple Eq. 11.3 which is gener-
ally used for granular seils, is'at the same time one of the
most widely used and most controversial equations
encounterer] in goil mechanizcs. There can be no real
question of the validily of these equations as useful
approximations. This validity is a simple sonseguente
of the way in which ¢ and ¢ were defined and of ths way
in which they will be used in subsequent chapters. How-
ever, the failure plane 25 defined previously, following
the original suggestion of Mahr, may or may not be the
plane upon which shear strains become coneéntrated
when the soil fails. The difference between these two
planes has occupisd the attention of waorkers such as
Rowe (1963).

(11.4)

Ta ﬁ /

/ e
" / %—EE = 30"
\

T__'l er = &

Ty

.

94y
2

Fip. 1.5 Relations between ¢ and principal siresses at
failurg

(o, — ayif2 I s OO

sing = == = =
B CRE T S
opldy =1, 1 —=ayle,
afag =1 1 4 oyfo,
7 1 tsing

gy 1 —sing
= tan® (45° + #/2} = 1an® ¢

Meore. For convenience, subseript [ has béen anmitted Trom
oy and oy,
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Fig. 116 Results of strength tests ployied on p-q diagram.
{a) Actual data. (Data for sand-gravel mixture from Holtz
and Gunbs, 1456.) (b) Relarion of ¢ and p, to Mehr-Coulomb
envelope.

To avoid misunderstanding, we shall in the remamder
of the book distinpuish betwsen twe types of faillire
plane:

L. A theoretical foilure plone, or slip line, which by
defin'tion lies at an angle (45° ¢/f2) to the plane
upon which the major principu! stress acts.

2. An observed failure plane, which 1s the pline upon
which the sheur striing are ohserved to be cancen-
trated,

Fortunately, in sunds the difTerence between the orientn-
tion of the theorctical and observed failure planes is not
great: it is less than 5% In most problems the engineer
can ignore this dilference, However, in liter chaprers we
shall encounter preblems in which this difference cannot
sulely be ignored.

Failure often occurs along a curved surface rather thin
along a plane, and so we often will speak of a thevrencal
Juilure surface (or slip surface) and an observed [uifire
surface.

Use of p-¢ Diagram

Figure 11.6 shows an alternative way to plot the results
of a series of triaxiul strength tests. The points give the
values of p and ¢ corresponding to the peak peints of the
stress-stram curves. The curve drawn through these
points is called the Klne. Just as the Mohr envelope
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far this soil s curved, 5o is the K-line. The K-line may
be fitied by s straight line bver the stress range of interest,
For example, the straight-line fit shown in the figure is
inclined at an angle & = 31° and intercepts the vertical
axis 2l @ = 4.5 psi.

Figure 11.6 also gives the simple relationships that
exist between o and ¢ and @ and ¢. Note that

| +sing 1+ tane
Nénz T e e
Il —sing I —ianz
For the data given in this figure,

(11.5)

¢ = sin "' (tan 31°) = sin ' 0.6 = 37°

cos 37°

These are exactly the results found in Fig. 11.3 for line &

Thus we have two ways to find values of ¢ and d fram
@ series of triaxial tests: (@) construet Mohr circles and
draw the Mahr envelope (Fig. 11.1); or (&) plot values
of g and g, draw the X ,<line, and then comiplite ¢ and .
The choice between these two methods §s largely ane of
personal preference. However, when there are many
tests in Lhe series, it will usually be loss conflusing to plot
the results on a p<g diagrany, and, further, it will be sasier
to fita line through a series of data peinis than to attempt
1o pass a line tangent to many circles. For these reasans,
this boak will usually follow the practice of plotting the
results of triaxial tests on u peg dizgram. Example 11.2
provides anuther illustration of the use of the pi diagram.

L=

» Example 11.2

Gieen. The data in Example 1.1,
Find. & by consiruction of a g dizgraim,

= [ [ JeKe=
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§in ¢ = tan a = 0,675
d =425 -
Obtaining ¢ [rom Direet Shear Tests

In this form of t=st, only the normaland shear stresses
on a single plane are known. Hence [rom the test results
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Fig. 1.7 Methods for calculating fiction angle from results
of direct shoar test  (q) Assummiing that horizontal plane i
theoretical failure plane. (b) Assuming that horizonial plane
is abserved {ailure plane,

ilone, it is not possible 1o draw the Mohr circle giving
the state of stresses.
However, il we make the assumption that the measured

stresses at failure are in the ratio +/o = tan &, then it is

possible ta construet the Molir circle (see Fig 11.7). In
effect, we have assumed that the horlzontal Plane through
the shear box is identical with the theoretical [ailure
plane:

=7, dnd o=g,

Thus assumption has often been questioned. In many
ways it makes more sense that the horizontal plane is
actually the plane on which shear strains are at a maxi-
mum; Le., iLis an observed failure plane, On this basis,
it would be mare nearly correct to represent Lhe stresses
on the horizontal plane by points lying 260 = +2(45° +
#f2 — ) from the midjor principal stress, where 4 is the
difference in orientation between the theoretical and
observed failure planes (point 2’ in Fig LL78). How-
ever, I éis less than 5°, then the two methods of obtain-
ing ¢ give results that differ by less than 1%, This difference
is insignificant in practical engineering work.

Many comparisons have been made between the value
of ¢ from triaxial tests (based upon slope of Mohr



envzlope) and the value of ¢ from direct shear tesis
(based upon the construction in Fig. 11.72). After
averaging out experimental errors in the determination
of the two quantities, it appears that ¢ from direct shear
tests-is penerally greater (by perhaps 27 than ¢ [rom
triaxial tests, especially for dense sands {e.g., sez Taylor,
1939),

The direct shear test affards the easiest way to measure
the friction angle of a sand or other dry soil. 1t is-also
very usefll, although perhaps not as widely used, lor
testing soils containing water.

|
11.2 EFFECT OF INITIAL'VOID RATIO

Figure 11.8 shows the relationship between friction
angle ¢ and the initial void ratio & for & medivm fine
sand., The relationship will of course vary from sand to
sand, but the trend of higher ¢ for denser soil is always the
same.

Asavas discussed in Chapter 10, the effect of void ratio
on ¢ may be explained by the phenomenan of intzriock-
ing. Other ways of looking at these same phenomena
have also heen advenced, Tor example, the energy that
is put intoasoil by the externa) loads is expended in two
ways: 1o gvercome the [rictional resistance betwsen
particles and 1o expand the soil against the confining
stress. The denser the sand, rhe greater the expansion
which tends to take place duning shear. Hente more
energy ‘(hence more force and a higher friction angle)
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Fip. | 1.8 Friction angle versus initial void ratio for medium
fine sand (after Rows, 1962),
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must be expended Lo shear the soil. However, both af
these explapations amount o the same thing.®

Strength of a8 Sand st Constant Velume

Another way 1o emphasize the importan! role af inter-
locking is to answer the question: what will happen if a
sand is prevented from changing in volume ng It ig
sheared?

First consider the simple sitvation shown in Fig. 10.17e.
As the shear force is applied, the two plates want to move
apart vertically. In order to prevent their moving apart,
the normal force N which holds them together must
increase, Thus the result of increasing T'is to increase N
but ta cause very little shear displacement. As 7 is
increased further, the contact forces will eventually
become so large that the pacticles will be grushed and
fractured, and only then will large shear displacements
be possible.

Similarly, we can run & triaxis! Lest in such a way that
the volume of the specimen remains constant. The
volume of the specimen is monitored, and the confining
pressure is adjusied to hold this velume cunstant. Il the
sand is dense, it will he necessary to increase the con-
fining pressure by a considerable amount. This of course
means that a dense specimen which has been held under
constant volume can sustain o much greater axial siress
than 4 sperimen which remains under constant confining
pressure and which expands duning shear. 1f a very loose
specimen 15 1o be held at constant volume during shear,
It may be necessary to decrease the confining pressure as
the test progresses, and consequently the compressive
strength is decreased

Figure 11.9 shows the results of a canstant-volume test
on a dense sand. 11 the sume sand st this same initisl
density were fesied af:a constant confining pressure of
1 kgfom?®, the compressive strength would be only
3.8 kgfom®,

The behavior at constant volume and the behavior
witll constant confiiing pressure can be tied 1ogether as
follows. 17 a dense sand is to [ail in shear, the high degree
of interlocking must somehow be overcome, This can
happen either (a) by shearing and fracturing of the par-
ticles, or (A) by increasing the volume. It will take more
energy ta cause either of these happenmgs than will be
necessary simply to slide soil particles over o flat surface.
If the seil is free to expand, the path of least resistance is

®The additiopal cnergy required 10 owergome i.awfru:king s
somelimes referred to &5 an enerpy corrzelion (Taylar, 1948;
Rowe, 1962) This jecminology is rather unfortunate, for there is
nothing erroneous or #riificial abouy the larpe compressive sirength
of a dense sand  This large strength is quite real dnd can be relied
upon 10 exisy in praltical problems. Enpineers will have linle or
g occasion 10 make use of ener v considerations. Howewer, thesc
considerations do play. an imporant rols in research simed at
establishing the nature of shear strength, The study by Rowe
(1962} of the coniponents of the strenpth of sands |5 especially
Thoraugh.
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Fig. 119 Resuivof constant volume (riaaial test on a sand
(fine sand, dense condition.) (after Bjerrum, Kringstad, and
Kummencje, 1961.)

to expand and so Lo overcome the interlocking in iy
way. If, however, the soil is impeded from eXpansion,
the path of leas! resistance may liw in fracturing the soil
particles,

The case of shear a1 constant valume is of little import-
ance when deuling with dry soils. However, this situation
will become very important when we deal with the rapid
shearing of saturated soils in Part V.

Friction Angle at the Ultimate Condltion

Alter considerable straining of any soil, both the
deviator siress and the void ratio achieve vaiues that are
independent of the initial void ratio. At Lhis condition,

thie sand strains withoul [urther volume change and with
conslan! deviator stress. This condition s referred o as
the wftimare (or constant valume or eritical or residual)
condition, The deviatorstress that exists at this condition
can be used to define a friction angle o,

$in dhy = (."J"_'T:tl
vy + Tajen
where the subscript co stands for constant volume.

However, o, 1s gredter than ¢,,, the particle-tospartiele
friction angle as defined in Chapter 6. Figure 11.8 pre-
sents o comparison between these two angles. We see
that there is still some interlocking when the constant
velume condition is reached. Particles must still move
up and aver (or perhaps mostly around) their neighbors
as straining takes place, and on a scale equal to the
particle size there must be volume changes—bothincreases
and decreases. The local effects combine in such a way
that there is ne volunie change lor the specimen of sand
as a whale.

Thus ¢, may be thought of as a material property,
reflecting the combined effect of $, plus the degree of
interlocking that can octur with zero overall volume
change during continued straining. The void ratio ut the
constant valumecondition, e, may likewise be considered
a malerial property. .

Peak FIriction Angle

As already defined, the fnction angle ¢ is caloulated
Trom the stresses existing at the peak of the stress-strain
curve: This fiction angle ¢ is not a material property
but depends strengly on the veid ratio that existed prior
to the application of a deviator stress. Actually, some
small volume change takes place in the sand before the
penk deviator stress 15 reached, but nonetheless it is
customary to plot ¢ as i function of ¢,

(11.6}

Choiee af ¢ for Lngincering Practice

In most problems sncountared in engineering practice.
it 15 not possible 1o tolerate large strains within a sand

Table 111 Types of Friction Angle to Use In Various Englncer-ing Problems

Problem

Friction Angle

Depends Upon

Internal strength of sand
at small strains

Internal strength of sand
at very large strains oy

Shiding of sand on
stooth surlace

Sliding of sand on

rough surfnce angle &,

Treak [riction angle ¢

Liltimate [riction angle

Particle-to-particle
[niction angle ¢,
Ultimate friction

Compuosition of seil;
initial void ratio;
initial confining stress

Composition af soil;
void ralio in ullimate
condition

Nature of soil mineral
and surface

Compaosition of seil; veid
ratio i ultimate condition




mass. Thus for most problems the volue of ¢ based upon
the peak of the stress-sirain eurve is properly used to
represent the strength of the sand. There are some prob-
lems in which large strains oceur, as when one must
evaluate the resistance encountered by & tracked vehicle
as it plows its way through & sand mass. For such
problems, it would be appropriate to use d,, to reprasent
the strength of the sand.

The foregoing comments apply to the internal strength
of a sand  The engineer frequently needs 1o know the
{rictional resistance between sand and the surface of some
structure, such as a retaining wall or pile. If this surface
is very smooth, 85 in the case of sand sliding on unrusted
steel, the friction angle is most likely equal 1o ¢, for the
sand. If the surface s at all rough, such as a typical
concrete surface, then the friction between the surfaces
probably approaches &,

Table 11.] summarizes These recommendations con-
cerning the type of friction angle that should be used for
various situstions. Values of ¢, have zlready been pre-
sented in Chapler 6. Typical values for ¢ and ¢, appear
in this chapter. Subsequent chapters which trent engin-
eering applications in detail will have still more to say
about the choice of a fricfion angle for use in a particular
sHuBLION. ‘

11.3 EFFECT OF VARIOUS LOADING
CONDITIONS

Intermédiate Principal Stress

With the m:armal form of triaxial test (specimen [ailed
by incrensing axial stress while holding confining pressure
constant), the intermediate principzl stress is equal 16 the
minor principal stress: e, = g, (stress path [or vertical
compression |oading in Fig. 9.8), As shown in Fig 9.8,
a specimen can' bs faled in vertical extension, in which
case my = g, '

Numerous investigators have compared the friction
angie from compression with that [rom extension tests,
with various resnlts; sez Roscee (1963) el 21 for a sum-
mary. Mostinvestigutors have concluded that the friction
angle is the same for both cases, but & [ew have found
that @ was grenter, hy several degrees, if o, = o, a5 com-
pared with the results for oy = a; (as is the case in Figs
10.20 and 10.22).

Figure 11.10 shaws the resulis of & set of plane-strain
tests; these are tests in which the sund can strain only
in the axial direction and one Jateral direction while its
dimension remgins fixed in the other |ateral direction
The friction angle from these plans-strain tests exceeded
the angle as obtained from conventional trisxial tesis by
as much as 4" for the densest specimens.  Little or no
difference in ¢ values was observed on loose specimens,

A plane-strain condition is often encountered in
engingering practice problems, and for many problems
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Fig. 11,10 Results of regular and plane-strain triaxial tesis
{Trom Cornforth, 1964).

o' planesstrain fest is more realistic than is the (rianial
test. The authors feel that the plane-striin form of tri-
axial test avill become mereasingly popular with practicing
engincers as well as with researchers,

The reason for the increased resistance in the plane-
strain condition presumably eomes about becavse the
soil particies are piven less freedom in the ways that they
can move around their neighbors so as 1o avercome inter-
locking. A failure law in three dumensions is now needed.
The possible form af such n Inw has been discussed
numercus times (Kirkpatrick, 1957; Haythornthwaite,
19607, but the matter 15 still unresolved, Specin] lesting
devices, which permit greater flexibility in the types of
loads that are upplied, are necded for use in research to
clarify the nature of the three-dimensional Tailure law.

Failure with Deeressing Stresses

In problems such ns retaining walls (under active
conditions), the soil fails as the result of deereasing
stresses ralher than ingreasing stiesses; |.e., the stress
path is more like that marked E m Fig. 8.11 or that for
vertical compression unlopding in Fig. 9.8, and thaose for
tests 3,4, and 5 in Fig. 1020, Asindicated in Fig, 16.22,
tha friction angle for unloading is virtually the same as
lor Jouding,

Rate of Loading

The [riction hngle of sand, as measured in triaxial
compression, 1§ substantially the same whether (e sand
is loaded to failure 5 millisec or 5 min.  The increase
in tan ¢ from the slower to the faster loading raté is &
mast 105, and probsably s only 1-29% (see Whitman
and Healy, 1963), 1t 1s possible that the effect might be
somewhat grester of the sand is sheargd 1 plane strain
ar if the confining pressure is in excess of 100 psi.




146 PART 11l DRY SUIL
Vibrations and Repeuted Loadings

Repeated loadings, whether changing slowly or quickly,
can cause ¢ to changs. A loose sand will densify, with
resulting strength increase, and a dense sand can expand,
with resulling strenpgth decrease. A stress smaller than
the static failure stress can cause very large sirains if the
load is applied repeatedly (see Szed and Chan, 1961).

Slight Amount of Moisture

Any sand, unless it bas just been mtentionally dried,
possesses a small moisture content. The presence of this
moisture ean have some effect wpon the mineral-to-
minera! friction angle (sse Chapter 6). However, since
both shear tests and most practical situations really
involve either air-dry or saturated sand, the presence of
this small ekmount of meisture need seldom be taken into
account.

Moistiire ean also introduce an apparent cohesion
between particles by capillarity. In seme situations, such
as in madel tests, this cohesian can be a significant com-
ponent of strepgth. In practical problems, this small
cohesion is of no consequence

Testing Errors

Chapter 9 mentioned some of the errors which ean
develop m tnaxial tests and in direct shear iests. The
commaon tests ean pive rise to an errer of &5 much as 27
in the measurement of the peak [riction angle ¢. None-
theless, these tests suffice-for most enginesring purposes.
For eareful measurement of strength and volume change
in research work, it is essenlial (o use the improved
devices.

Summary

This section has indicated that many factors have an
influeiice on the Diction angle of granular soils. Using
the ardinary laboratary test, the measured value of ff may
differ by several degrees from the friction angle actually
availalile within the ground, sven il the initiz] void ratio
has been chosen accurately. Il a mere accurate evalua-
tion of ¢ is needed, special care must be taken 1o establish
the loading coudition actually exssting in the ground and
1o duplicate this candition in the laboratary by means of
special tests.

11.4 EFFECT OF COMPOSITION

This section considers the effect of compoesition on (a)
the ¢ versus ¢, relation for a small range of confining
stresses, and (B) the change in @ over a wide range of
confining stresses. Even when confining stresses are
limited to conventional magnitudes (less than 100 psi)
the ¢ versus ey relation falls within a broad band as
shown in Fig. L1.11. Since the value of ¢, varies refa-
tively little. between various particle sizes or various
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Fig. 1111 Friction angle versus initial porosity lor sevecal
granular soils. '

minerals, thsse differences in ¢ for a given ey resull
primarily from different degrees of interlocking,
Composition uffects the [rietion angle af a granular
soif In two ways. First it affecls the void ratic that i
obtained with 2 given compactive effort, and sedond it
aflects the [riction angle that is achieved for that void
ratio. The effect of compusition might Se studied either
bv comparing friction angles at fixed &4 or ar fixed com-
pactive elfort. Because the role af composition is maost
important with regard to embankment construction the
comparisons are often made at fixed compactive effort.

Average Particle Size

Figure 11124 shows data lor live soils all having a
uniformity coefiicient of 3.3, but baving different average
particle sizes. For a given gompactive effort, these sands
achieve dilfersnt void ratios, However, the [riction angle
was much the same for each sand. The effect of the
greater initial interlocking in the sand with the largest
particles i5 compensated by the greater degree of grain
crushing and fracturing that occurs with the |arger
particles because of the greater foree per contact ,

Crushing of purticles, and the consequent curvaturs
of the Mohr envelope, is mosl important with large
particles, especially gravel-sized particles or rock frag-
ments used for rockfills. This is hacause inercasing the
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coefficient, Data from Lasli= (1963).

particle size increases the load per particle, and henge
crushing begins 2t @ smaller confining stress. Spurred by
the increasing popularity of rockfill dams, several labara-
tories have constructed triaxial testing systems which can
gccommodate specimens &2 large 25 12 in. in diameler.
An apparatus thal can (est specimens 3.7 f1 in diameter
and 8.2 ft lang has been construcied in Mexico (Marsal,
1963).

Grading of the Sand

Figure 11.12a shows data for four soils all having the
same minimum particle size but different maoximum
parficie sizes. For comparable compactive eforts, the
better graded sand has both a smaller initial void ratio
and 2 larger friction angle. [t is wpparent that n berter
distribution of particle sizes produces a better inter-
locking. This trend is also shown hy the data in Table
11.2, and is further confirmed by a series of tests reported
by Holtz and Gibbs (1956).

In many soils, a few parlicles of relatively large size
make up a large fraction of the total weight of the soil,

Table I1.2 Effect of Angularity and Grading on Peak
Frictlon Angle,

Shape and Grading Louse Dense
Rounded, uniform 30" 37°
Rounded, well graded 34° 40°
Angular, uniferm 35 43°
Angular, well graded 35" 45°

From Sowers and Sowers, 951,

If these particles are numerous enough so that they inter-
lock with each other, i1 is important that these large
particles be present in the test specimen. Howevér, if
these larger particles are just embedded in a marrix of
much smaller purticles so that the shearing takes place
through the matrix, then the large particlss ean safely be
amitted from the specimen. Unfortunately, the profes-
sion still is Jacking definitive guides as to what constitutes
a satisfactory test upon 4 gravelly soil.

A well-graded soil expeniences less hrenkdown than a
uniform soil of the same particle size, since in & well-
graded soil there ure many interparticle contacts and the
load per cantnct 15 thus less than in the uniform soil.
Figure 11,13 illustrores that the better graded soil sufTers
less decrease in ¢ with increasing confining pressure.

Angularity of Particles

It would be expected that angular particles would
interlock more theroughly than rounded particles, and
hence that sands composed of angular particles would
have the Targer fricion angle. The data for peak friction
angle presented In Table 11.2 confirm this prediction.
Even when 4 sand is strained to its ultimate condition,
so that no further volume change is taking place and the
sand ¢ in a loose candition, the sand with the angular
particles has the greater friction angle: In gravels, the
effect of angulanty is less because of particle crushing,

Mineral Type

Unless a sand contains mica, it makes [itile diTerence
whether the sand Is composed primarily of quartz, one of
the feldspars, elc. A micaceous sand will aften have a
large void ratie, 4nd hence littls interlocking and o low
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frictionangle. The smaller value of ¢, for mica compared
10 that of quartz hns relatively little to do with this result.

Tests (Horn and Deere, 1962) have besn carried oul
using powdered mica with care taken 1o have the mica
flakes criented nearly parallel. The resull was a friction
angle (¢h.) 0l 167, compared to ¢, = 132°. Thereissome
smiall amount of muerlocking in such a cass

Where particles of gravel ar= ap important constituent
of soil, the origin of the gravel particles can have ag
important effect. 1l the pravel purticles nre relatively
soft, erushing of these particles will minimize the inter-
lacking effect and decrease the friction angle as compared
o o comparable soil with hard gravel particles.

Summary

The eomposition of a granulur soil can have an
smportant influgnce upon its friction angle, indirsctly by
influencing ¢y and direetly by influencing the amount of
interlocking that occurs for a given e,. Table |1.3 pro-
vides a summary of data that can be used for preliminary
design. However, for final design of an embankment, the
actual soil should be tested using the void ratio and stress
system Lhat will exist in the field,

1.5 DETERMINATION OF IN SITU FRICTION
ANGLE

The results prescnted in the foregoing sections. have
emphasized the predominant role of the degree of inter-

locking upon magnitude of the friction angle. Thus, if
we wish to determine the friction angle of a sand i siru,
it is not enough to find the nature and shape of the
particles composing the sand. 11 is essential to know how
tightly together these particles are packed in their ndtural
state.

ILis eatremely difficult to obtain samples of @' sand
without changing the porosity. Thus, except for

Styy otk Yery dense
. :"Lms: £ ’

0 Medibm Dense |

o
g 20 AN ¥ =
g il
EE ™S
e 400 h
8% ~N
5% g5 5\\
Rir

0 kY

K] I

B

28 3z 36 A 44

o (dagrees)

Fig. 11.14  Correlation between friction angle and penetra-
tion resistance (From Peck, Hanson, and Thornburn, 1953).
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Table 11.3 Summary of Friction Angle Data for Use in Preliminary Design

Frietion Angles

At At Peak Strenpth
Slope Ultimate =
Angle of Repose Strength Medinm Dense Dense
Slope

Classification i*) {verr. 1o har) (%) tand,, ' &% tan & H(") tan ¢

Silt (nenplastic) 26 lon2 26 0.48%8 28 0.532 30 0.577
Lo 0 10 to

30 ' 1 on 1.75 30 0.577 32 0.625 34 0.675

Uniform fine to 26 lLon2 26 0.488 30 0.577 32 0675
medium sand 1o 0 1a 10

30 I aon .73 30 0.577 34 0.675 36 0726

Well-gradea sand 30 1 on 1.75 30 0.577 34 0.675 38 0.839
1o 10 10 to

M Ionl.50 34 0.675 40 0.839 46 1.030

Sand and gravel a2 1 on 1.60 k7 0.625 6 0.726 40 0.900
to o [ Lo

i 1 on 1 40 36 0.726 42 0.900 48 1110

From 0. K. Hough, Basic Seils Enginsering. Copynght © 1957, The Ronuld Press Company, New Yark.
Nore. Within each range, assign lower values if particles arc well rounded or if there is significant soft shale or mica
conteat, higher values for hard, angulur particles. Use lower values for high normal pressures than for moderate narmal

pressure.

problems invalving man-maode fills, it is difficult to cither
measure or estimate the [riction ungiz of & sund an the
basis of laboratory tests alone. For these reasons,
exiensive use is made in practice of correlations between
the [riction angle of a sand gnd the resistance of the
natuidl sand deposit 1o penetration,

Figure 11.14 shows an empirical correlation hetween
the resistance offered to the standard penetration spoon
(Chapter 7) and the friction angle  Inevitably, any such
correlation is crude. The actual friction angle may
deviate by =:3° or more from the value given by the curve.
The given relation is intended to apply for depths of over-
burden up to 40 ft, and is conservative for greater depths.

11.6 SUMMARY OF MAIN POINTS

1. The strenpth of soil can be represented by a Mohr
-envelope, which is a plot of =, versus a,,. Generally
the Mahr envelope of a granularsoil is curved. For
stresses less than 100 psi, the envelope usually is
almaost straight so that

Ty = Oy land

‘where ¢ 15 the friction angle corresponding fo the
peak point of the stress-strain clrve

2. The value of ¢ for any soil depends upon @, wnd
upon the hmount of interlocking, ic., the intial
void ratlo and o,

J: Where sand is being subjected to very large siramns,
@, should be nsed in the failure law. Unless e
sand i very loose. 4, will be less than ¢ Whers
the sand is shding over the surface of a strocture, the
lriction angle will viry Trom ¢, te ¢, depeading an
the smoothness of the surfuce,

4. A knawledpe of the effect of composition helps

suide the selection of muterials to be used in man-

rivtde fills

Materials to be used in man-made fills should be

tested wsing the actual range of confining pressurss

which will be encountered in the fill

6. For many praclical problems, the friction angle of
an fn ste sand deposit can be determined by indirect
means, sucli as the stundard penetration tes

ih

PROBLEMS

1.} Given the following triamial test dita, plot the
results (@) in a Mohr diageam and (0) in a p-g disgram: and
determine ¢ by euch merhod.
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ay (psi) Peak o, (psi)
10 7.6
20 54.5
10 &4.0
41 110.0
50 139.0
60 165.7

112 Suppose you had a sample ol the sand used to obLiin
the test results shown in Fig. 1018 This sand is al a void
ratio of 0.7. For ay = 20 psi, estimate:

a, The peak value of oy,

4. The ultimate value of o,.

¢. The void ratio aflter considerable shearing,

113 Draw the stress path Tor the tesl on the loose speci-
men in Fig. 10,18, _

114 A sand with ¢ = 307 issheared in a triaxial 1est with
ay = my = M pstimbiaily, Both oy and oy are increased, with
Aay = Aofd, What 15 the maximum valoe of o) reached
during the test?

113 A sand with @ [riction angle ol 20" is 1ested in direct
shear, using 1 normal stress of S0 psi. Making the simplest
pussible assumption concerning the siress condition within

the shear box, determine how much shear stress must be
applied before the sund will fail,

11,6 The hlow count during a standard penctration-test
upon a sand at 20-ft depth s 20 blows/ft. Estimate the
friction angle of the sand, Suppose the blow count at 40-1t
depth is exacily the same. Is the sand at 40-ft depth looser or
denser or thesame density asthe sand at 20-ft depth? Explain
YOUT GHSWET,;

117 Supposs two sandy soils are campacted with the
same compactive effort. Sand A4 is uniform and has rounded
particles, Sand Bis well graded with angular particles

a. Which sand will have the larger void ratio?

b. Which sand will have the larger [riction.angle?

11,8 Estimate the value of ¢ for the foliawing solls.
Indicate which figures or tables you used lo guide your
oshimale.

a. A well-praded sand to be densely compacted for a low
embankment

&, A gravel, with |ess than 209 sand sizes to be used for a
reckiill dam 300 7t high, i )

. A natural deposit of fine sand, of medium dengity, which
is 1o support a building.

1.9 Derive the relationships given in Fig. 11.6b,
Hint Draw a Mohr circle and shaw both the Mahr envelope
and K-line on ths same dlagr:lr!'l.




CHAPTER 12

Stress-Strain Relationships

Once an enginecr has satisfied himself that 1 soil mass
is not going 1o fail totally, he generally must then
ascertain the amount of movement that will result from
the application of loads and decide whether this move-
ment js permissible. To do this, the engineer requires a
stress-strain relationship for soil.

From our general study of stress-strain behavior in
Chapter 10, we know that this behavior can be very
complex. The amount of strain caused by a stress will
depend on the compaosition, void ratio, past stress history
of the:soil, and manner in which the stress is applied. An
equation giving the stress-strain relationship of one sand
for any loading with constant direction of principal
stresses has been developed by Hansen (1966). However,
this expression is extremely complicated. Usuglly it is
preferable to use formulas and data thar are adapted 1o
the particular problem at hand,

For many problems, the best approach often is to
measure directly the strains produced in a laboratory
test using strésses that will occur in Lhe actual soil mass,
Tlis approach will be discussed in Chapter 14

Far athzr problems, it helps greatly to use concepls and
formulus from the theory of elasticity, This means Lhat
the actuzl nenlinear stress-strain curves of 2 soil must be
“linearized”, i.e., repluced by straight lines, Then one
speaks in terms of the modulus and Poisson’s ratia of soil.
Obviously, modulus and Poisson’s ratio fre not constants
for & soil, but rather are quantities which approximately
describe the behavior of a seil for & particular set of
stresses. Different values of moduius and Poisson’s ratio
will apply for any other set of stresses.  Especially when
speaking of modulus, ane must be very carelul Lo speaily
what is meant.

The terms tangens modulus and secant modulus are used
frequently. Tangent modulus is the slope of 2 straight
line drawn tangent to a strzss-strain curve at a particular
point on the curve (see Fig. 12.1). The value of tangent
modulus will vary with the point selected. The tangent
modulus at the inital point of the curve s the mltial

tangent modulus. Sccant modulus is the siope of a straight
line connecting two separate points of the curve. The
value of secant modulus will vary with the locations of
both points. As the twa points come closer topether, the
secant modulus becomes equal to the tangent modulus.
For a truly linear material, all of these values of modulus
are one and the same.

1.1 CONCEPTS TROM THE THEORY
OF ELASTICITY

If we 2pply o uniuxial slress o, to an elastic! cylinder
(Fig. 12:1), there will be & vertical compression and a
Interal expansion such that

€ =

o
= (12.1)
3

€, = —je, (12.2)
whers

<, €. £, = strains in the &, ¥, = dirgctions, respec-
tively (plus when compressive)
E = Young's madulus of elastioiny
A= Poissol’s raife

11 shear stresses 7, dre applied to an elastic cube, there
will be a shear distortion sueh that

V=2 (123)
J
where G = shegr modnwius. Equatrions 12.1 1o 121 define
the Lhree brsic constants of the theory ol elasticiy: E,
G. and u Actuslly only two of these constanls arc
nesded, since

G — (12.4)
201 + )

! The word “shastic™ actually denoies an ability of a material 1o
recover s |,1r|gu||| size and thape aler removal of stress. o this
book, we use [he word in @ more restriciive sense 10 mean g waterial
having a linear, reversible stress-straim cirve,

151
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stress increment

According to Lhe
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Fig, 12.1
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Tangent
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Simple
shear

Isotropic
compression

Contimed
COMmpression

Etrain ¢

|

L3
Young's
modulus
E=y

modylus

G:E—E

Tex

i
I Shear

Bulk

j-— moduius

oty _B-f,ﬂ,

3¢

Various types of modulus.

For an clastic matenial with all stress components
ncting, we can employ the principle of superposition to

tbtain
|
£y = E [E: = F{Gy e ﬂ-a)]
& = ~lg, = alo, + ;)]
E

€

| —

- [l'fz - #{‘T: T G‘.)]

(12.5a)

(12.5b)

Canstrained
modules
LF ]

D=

The volumetnc strain is

(12.5¢)

Ay
— = ety

¥

(12.5d)
(12.5¢)

(12.5f)

(12.5g)



For the special case where o, = ¢, = 0, = g, and
Toy = Tys = T = 0, the volumetric strain equals
AV 3o,

A =
il (1 — 2]
The mlnc medulus B is defined as

B= G0 _ E
AVIV . 31— 20

(12 6)

Still another special rype of modulus i5 the constrained
modulus, D, which is the ratio of axial stress to axial
strain for confined compression (Fig. 12.1). This modulus
can be computed from Egs. 12.5 by setting ¢, = ¢, = 0.
Thus

O, =0, = o, (12.7)
=M
=Bl —w) (12.8)
(1 -+ a)(l — 2u)

Uniaxial loading and confined compression involve both
shear strain and volume change. This important fact is
demonstrated ip Example 12.1.

» Example 12.1

Find., Volumeinc stram (A V) and maximum shear
strain during (&) uniaxial loading, (b} confinad compression.
Solution,

Condition Volumetric Shear
Uniaxial 4 7
lﬂﬂdll‘ig T ol S R Tinnx _f
= —2u) X .,
£ Ymex ™ 5=
Confined A a, (1 — 2u)
coni- v et gty § T Tmws =3 T 0
pression (1 + m)l — 20, a; {1 = 20

E(l — ) ™T% T-ga

Note, The volumetric strain becomes zero for u = |.
Tiey OCCUrS on planes inclined at 457 to the hormzanal,
Yiax Occurs for an element whose sides are at 45° to the
horizontal, <

For an slastic material, the foregoing equations apply
[or increinents of stress starting from some mitial stress,
a5 well as for increments of siress starting from zero
stress. Example 12.2 derives equations which may be
used to find £ and u from measured strains.
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» Example 12.2

Giuen, Strains Ae, = Av,, Av, cauged by stresses Ao, =
Aoy, Ae, upon & cylinder of an elastic material.

Find,  Expressions for Younp's modulus and Foisson's
ratio. '

Solution. Egs. 1252 and 12.5¢ become
Ehe, = Aa, — plho, + An,)
Ebe, = Aa, —2ubo_
These may be solved to give
.[f:‘"r -+ 2:“31”"!'"1 == ',“;';}

~ BofAc, — 2A¢,) + Ac,Ac,
Se Ae, — .'.'hﬁ.ﬁa;

T Ao(Be, —2Ac) + AaAe, =

H

Wave Velocilies

The velocity of wuave propagation, or simply wave
velociiy, is defined as the distance moved by a wave m 2
unit of time (Fig 12.2). There are several different wave
velocities, each correspending to a wave involving differ-
ent types of strain:

Rod velocity Cp, = VE/p (12.94)
Shear veloeity Cg = +/G/p (12.94)
Dilatational velocity €, = v/ D/p (12.9¢)

where
p = mass density, equal to yifg
g = neceleration of gravity
Cyp and Cp = velocities of compressive waves for
uniaxial loading and cenfined
pompression, respeatively

Because of these simple relationships hetween modulus
and velocity, velocity is often measured und used to
evaluate modulus.

12.2 BEHAVIOR DURING CONFINED
COMPRESSION

Figure 10.5 gives o typical stress=glrdin curve for & sand
during confined compression. Since there is no lateral

steain during this test, the axial strain is exactly equal to

the volumetric strain. Example 12.3 gives values of

A Al time
Al time ¢ sl
. — AL
. Bl
5 X / T
. e
i
JJ !
Pl lL\

[ustance along & rod

Fig. 12.2 Meaning of wave vilocity.
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Flp. 123 Behavior of scveral sands during one-dimensional compression, ; %
Secant miodulus from zaro pst Lo indicated stress, (From Hendron, 18610

= Example 12.3

Gven.
Firid,

a. Seoant modulus from 010 | kgfem®, first loading.

i Secant moduluz from | to § kgfem®, first loading.

¢, Sccant modulus from | to 8 kglen?®, second loading.

. Secant medulus from 1 1o 8 kgfom®, second unloading.
e. Tanpent modulus at 1 kglem®, first londing.

Stress-strain curve i Fige 1035

Sulution,
Muodulus

Case Ao (kgfom?) Ar (kgfom?) (psil
a | 0.0078 130 1,900
b T 0.0120 380 8,300
r 7 0.0043 1830 23,000
d 7 0.0031 2300 32,000
ot 7 0.0298 230 3,200

© Measuraments made along langent ling, from 1 (o 8 kpjem®
«

constrained modulus as measurzd from this curve, The
general magnitudz of the constrained modulus for asand
should be noted, togerher. with the foct that the sand
becomes stiffer as it is Joaded and reloaded.

As was discussed in Chapter 10, crushing and breaking
af particles become increasingly important for stresses
greater than 500 psi. Thus for large stresses the modulus
tends to become constant, or may even decrease (Fig.
12.3). The Minnesetn sand was compossd of hard,
rounded particles, whereas the Pennsylvania sand was
made ‘up of softer, angular particles. The other two
curves illustrate the behavior of well-praded sands,

Initial Relative Density

As would be expected, the looser the soil the smaller
the modulus for & given loading increment. This is
illustrated by the results given in Table 12.1.

Repeated Loadings !

Figure 12.4 ilJustrates the increass in modulus during
successive cycles of loading  The modulus increases



Table 12.1 Sceant Constrained Modulus for Severs]
Granular Soils during Virgin Loading

Madulus
{pul % 107%)

Aag, Aay
from from
Relative 9 1o 29 to

Soil Density 13 psi 74 psi

Uniform gravel 0 4.4 87
lmm < D < 3imm 100 17.0 26.0
Well graded sand = 2.0 37
0.02mm < O < | mm 100 7.5 17.6
Unifarm fine sand 0 241 5.1
0O07Tmm < D < 03mumn 100 1.4 174
Liniform silt 4] 0.4 25
0.02mm < D <007mm 100 il 11.0

From Hassib, 193],

markedly between the first, ind second lpadings. The

increase gradually becomes less and less during successive

cycles, and after several hundred cycles the stress-strain
curve sinbilizes.

200 i i |
Dinse Ottawa sand |
175 Averape lor ﬁﬂé}h P
cycle) Aoy = 5%{‘
150 P B
] P
- Fram ulirason witve: 7| vszagicior sty
[ Fiz. 128 ™y
& welogty, Fig. 12.8 {_, {EYCIEi-:"m;‘——IUEE-I
K 123 . £
fy el /’
& 7% \-
-5 r’ /"’ A
= 100 ,l i ——
E v/f i ‘::"E’zm M'J‘U"d
oaAr =
E ',' ]I / ‘/ O Ty (=
E - ,' e
£ / L ot Me!am for 15t
o == cycls; Agy = 10pEl
=5E] / /’r “_-'-
P
J'“
25 ]
i)

] 20 40 60 B0 100 120 a0
Inlia) stress (psi)

Fig. 124 Increase in secanl constrained modulus with suc-
cessive cyeles of londing. Nore. Average eurves have been
drawn through scattered data
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Fig. 125 Results 'of confined compression test plotied 2s
void ratio versus siress an natural seale,

Rate of Compression

For an initial loading on a sand, the modulus is
affected by the time required to achieve peak stress. The
modulus may double if the loading time is 5 msec instend
of the usual several seconds (see Whitman et ol,, 1964),
The influence of the loading time 18 much less during
subsequent cycles of a repeated loading

Composition

As in the case of friction angle, modulus is affected in
two ways by composition: composition affects the void
ratio for a given relative density, and then if affects the
modulus for that relative density. For a given relative
density, the modulus of an-angular sand will be less than
that of arounded sand. Table [2.| indicates the influences
ofparliclusimnndgﬂrlmg Ingencral, modulus decreases
as the particle size leads 10 o' lurzer void ratio fora given
relative density. The effect of compos:ition tends to dis-
APPear at very lnrge siresses and auring mbscqllcnt cyclts
ol 2 repeated loading.

Alternnte Methods of Protraying Data

In addition to the simple form of stress-strain curve in
Fig, 10,5, twe other methods of plotting stress-strain
data are often used.

Figure 12.5 shows the resulis of Fig. 10,5 ploted #5
vaoid ratie versus vertical stress o, The slope of the
resulting curve is defined as the coefficient of compressi-
bility a,|

A = — e or a.,,=—£ (12.10)
= rfl‘.l',_ :ﬁ-d,

Figure 12.6 shows the same results plotied as waid
ratio versus the logarithm of vertical stress, This farm
of plot is uselul for two reasons: (o)t is convenient for
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Fig. 12.6 Resulis of confined compression test
scale,

showing stress-strain behavior over 2 wide runge of
stresses; and (&) such curves usunlly become more-ar-
less straight at large stresses. As will be seen in Pact 1V,
this form of plot is especially useful for clays. Figure 12.7
shows the curves of Fig. 10 4 replotted in this way. At
large siresses, the eurves for thie different sands tend to
fall along a commaon path. The stape of this Lype ol curve
15 the compressean index C,:

de

dilog v,) Aflog o)

. 15 thus the change in void ratio per legarithmic evele
of stress.

Still another term used 1o describe stress-strain
behavior in confined compression is the cugfficient of
vafume change m,, which s simply the reciprocal of con-
strained modulus:

dey,

m, = &
o,

Gl o= — (13.11)

L8
i, = —t

(212
The relationships among D, 1, a,, and C, are given in
Table 12.2. The vertical strain during confined com-
pression equals Ae/(1 + ¢,), where e, is the initial void
ratio. Example 2.4 illustrates typical numerical values,

plotted as void ratio versus stress on logarithmic

» Example 12.4

Given. Stress-strain curves in Figs, 10.5, 12,5, and 12,6,

Find. Values of my, ay, and C, for the same slresses Uged
in Example 12.3.

Solution.  The valiles mny be sealed from e fipures: They
ray be computed using the equalions in Table 12.2, but this
computation is inaccurale (0 the case of secan values of L
since the choice of the average siress M, Breatly allecis
calculated values, :

it iy
Case {emky) {em?kg) [ a3

a 0.0078 a.olio 0.0065

b 00017 0.0028 00225

£ 0.0006 0.0010 (00079

d 000045 a.00073 0.0066

. 0.0045 0.11065 0.0140
Note. €. is dimensionless: achanpe per logarithmic eycle
15 the same for any set of units. «

Note that the compressibilities @, and m, decrease as the
stress increases, bul that C, increases. The inaximum
value-of C_in Fig, 12.6 s 0.07.




i, 12 Specss-Steain Relationships 157

. | i |
B | '
| |
08 ; = ! e
d | |I I_
! Gmﬂmm L
) | {
|
W
£ 06 E i
4
E 34 E \\S\ T\fﬁ.r Sandy Foinl 2and
NN
. | N d-—-'Plum I=land ﬂ.&nd | -| a
\ !
a4 i | |I L Grovnd faldspar
| LN I | &84 'E? 042mmj)
| it el SEHL)
| unﬂ quartz (084 e D IIZrnm‘l !
o2 . 1 | || L4
10 100 1o0g 10,002

Vertical sbress, o, {Ib/in #)

Fig. 127 Results of high-stress, confined compression 1ests on several sands (data from Roberts,

1964).

The stress=strain curve for an initial loading generslly
resembles a parabola. Henee the stress-strain relation-
ship may be expressed ps

7, = Cle)" {1213}

The coefficient £ varies with the type of soil and its mitial
void ratio. For u wide variety of soifs, however, the

Table 12.2

exponent 1 has been found to be very close 10 2. For @
perfeet packing of clastie spheres, this 2xponent would
be 3. The difference between the theoretical and actual
values for the exponent :s the result of siiding among and
rearrangement of the particles within an actual soil.
Equation 12.13 mmphes that both secant modulus from
zero stress and the tanpent modulus should merease as

o

Helations Detween Various Stress-Strain Parameters for Confined Compression

Constrained Coefficient of Coefficient af Comprassion
Maodulus Volume Change Compressibility Index
Constrained Ag, : b+ e (1 + eda,
modulus : b= As, A= ;: ' Bl a, a 0.435C,
Coeflicient ol 1 _De, i o, i, = 0.435C,
volume change =D = A, YTl 4 e T+ gpen,
Cocfficient of 1 + &, Ve _ Ae _ 0435¢,
campressibility H="p A==l ey M= Ag. <
Compression ¢ (1 + redo c (1 + egdag,mmy o = Ty £ Be
index - 6T 0435D . 0.435 *0.435 : A log o,

Nate. e, denotes the initial void ratio. g, denotes the average ol the initial #1d final strisses.
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Fig. 128 Wave velocities through sand as function of con-
fining stress. Dilatational and shear velocities fram Wiitman
and Lawrence (1963); rod welocities from Wardin and
Richart (1963).

Relationship to Wave Velocity

Figure 12.8 shows typical values for dilatational wave
velocity through granular seils. The velocity Lypically
increasss a5 o)%, which according to Eq. 12.9¢ means
that censtrained modulus should increase as (o)
Hawever, the modulus as compuled lrom measuted wave
velocily using Eq, 12.9¢ generally is much larger than the
constriined modulus as measured directly in an ocdom-
eter. This is illustrated by Example 12.5. The difference

» Example 12.5

Given. Wave velooity versus stresy in Fip. 128 and
modulus versus stress in Fig. 124,
Find.  Constrained modulus for stress of 20 psi, Compare
with modulus as measured directly
Solutfon, Cpy = 1900 jsee.  Typica! value for 3 = 10§
pef, or p = 3.26 slugs/t".
D o= pCpt =326 % 161 x 107 psl = 82,000 psj

versis 30,000 psi as measured dircetly, -«

arises because the small stresses associated with a seismic
wave mainly cause elastic deformations of particles,
whereas the large siresses applied in an cedometer test
cause slippage belween adjacent particles. This situation
has been sketched in Fig. 10.10. If very small stress
increments are used in the oedometer, then the moduls
as measured directly becomes approximately equal to the
modulus as caleulaled from wave velocity (Whitman
et al, 1964). Furthermore, the modulus as measyred
alter many cycles of loading, even using large stress
increments, is also about equal to the modulus caleulated
from wave velocity (Fig. 12.4),

Henee wave velocity s not a uselu) direct measure of
the compressibility of a soil during a single intense loud-
ing, but it does indicate the compressibility during

repeated loadings. This appears to be true regardless of
the frequency of the repeated loading.

For further discussion of wave velocity, sez Hardin and
Richart (1963), Whitman (1966). '

12.3 BEHAVIOR DURING TRIAXIAL
COMPRESSION TEST

The standard trinxial test (i.e., with constant confining
stress and increasing axial stress) gives a direct messure
of Young's modulus, Modulus decreases with increasing
axial stress, and at the peak of the stress-strain curve the
tangent modulus becomes zero.

* When a value of Young's modulus is quoted for soil,
it usually is the secant modulus from zero deviatar stress
1o a deviator stress equal to § or } of the peak deviator
stress. This is a common range of working stresses in ae-
tual foundation problems, since typically a safety factor of
2 or 3 is used in these problems. Example 12.6 illugtrates

» Example 12.6

Given, Stress-strain curve for test in Fig. 10:13.

Find., Secant Yeung's modulus for deviator siress equnl 1o
1 of peak stress.

Selutlpn.

Ao, at peak = 3.8 kgfom? .
Ao ul | peak = 1.9 kpfem?®
Ae, =0.007
£ =950 kglermy® = 13,500 psi «
the camputation of modulus from 4 typical stress-strain
curve, For the scale to which this curve has been plotted,

-it is difficult ta tel! whether or not the curve is linear or

curved up to § the peak. However, the very precise data
given in Fig 129 show that the curve is nenlinear almost
from the beginning of loading,

Kondner and Zelasko (1963) sugpested that the siress-
strain curves of sand in standard triaaial compression can
be fitied by a hyperbolic equation of the form

i
a + by

gy — iy =

(12.14)

where e'and b are constanis.

Confining Stress

As the confining stress increases, the modulus increasss,
For the case wliere the initial stress o, i isotropic, the
modulus increases as oy where # varies from 0.4 1o 1.0
A reasonable average value isn = 0.5, The larger values
of the exponent tend to apply to loose sands.

In most practical probleius, the stresses before loading
are not isotropic. The effect of the gcludl state of Stress
on modulus is not clear, but the best available rule is that
modulus depends on the average of the initial principal
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Fig. 129 Stress-strain data from o trioxial test. Note. Madium, subanpularsand: porosity = 0.39]
confining stiess = 4.3 Ibfin.? (From Chen, 1948

stresses; thus
i

En~ (12.15)

vf 3
where K, is the cosffivient of latéral stress at rest. Equa-
tion 12:15 holds only when 4 < K, < 2 and when the
factor of salety against failure 15 2 or more.

Yarious Factors

The effect of void ratio, composition, stress histery,
and loading rate upon E is5 the same as their effcet upon
D, Table 12.3 indicates the gzneral efTect of void ratiound
compasition-an E for a first loading to ane-half the peak
deviator siress. Table 12.4 gives values of E obtained
after several cycles of loading. The values in Table 124

Table 12.3 Young's Modulus for Initial Loading

Table 124 Young's Modolus for Repeated Loadings

Yaoung's Modulus

Loase Dense
Angular, breakable 140 kg/em? 350 kgjem®
particlas 2000 psi 5000 st
Hard, rounded 360 kg/om? 1050 kgjom®
particles 8000 psi 15,000 psi

MNore. Secant modulus to § peak deviztor siress, with
1 atm cnnfming siress.

(psi)

Soil (1 atm confining pressure) Loose Clense

Serezned crushed quartz, fing 17,000 30,000
angular

Soreened Ottawy sand, line 26,000 45,000
rouridad

Cittawa Standard sand, medium, 0000 52,000
raunded

Screened sand, medium, 200000 35,000
subangular

Screened grushed quantz, medivm, 18,000 27,000
angular

Well graded sand, coarss, 15,000 23,000

subangular

From Chen, 1948,

are also indicative of the initial tangent modulus and of
the modulus which is computed from rod wave velocily,

Itis ol'interest to compare these values of £ with those
for the minerals of which the particles of o granular soil
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Table 12.5 Poisson’s Ratio and Young's Modulus for
Various Materials

Young's Modulus

Material Poisson’s Ratio (psi)
Ami'.}hibu]he 0.28-0.30 13,6176 = 10
Anhydrite 0.30 9.8 > 10
Diabase 0.27-0,30 12.6=16,9 = 10*
Diorite 0.26-0.20 10.9-156 » 1o
Dolomite 0.30 16.0-17.6 x 100
Dunite 0.26-0.28 21.6-26.5 » 106
Feldspathic 0.15-0.20 12.0-17.2 % 10%

Gneiss
Gahbra 0.27-0.3] 12.9-184 x 10®
Granite 0.23-0.27 10 6-12.5 % 10°
lce 0.36 1.03 x 10F
Limestone 0.27-0.30 12.6-15.6 = 10¢
Marble 0.27-0.30 12 6-15.6 % |08
Mica Schist 0.15-0.20 11.5-14.7 x 10¢
Obsidian 0.12-0.18 9.4-11.6 x 10"
Qligoclasite 0.29 11.6-12.3 % 10°
Quartzite 0.12-0.15 11.9-14.0 = 10°
Rock salt 0.25 513 x 1%
Slale 0.15-0.20 11.5-16.3 = 100
Alaminum 0.34-0 16 B=11T x 10¢
Steel 0.28-0.29 25 % |0E

Values lor rock computed from compressibility measure-
ments by Brace (1966) al coifining stresses of 3-5
kilobars  Values for steel and aluminum from Lange
(1956).

zre composed, and with stee] and aluminum (see Table
12.5). The great compressthility of sail, the result of its
particulate nature, is evident from this comparison.

Paoissan’s Ratio

Poisson's ratio may be evaluated [rom the ratio of the
lateral strain to axial strain during a triaxial compression
test with axial loading. Figure 10.13 has shown values of
this ratio at various stages during a typical test. During
the early range of strains for which the concepts from
theory of elasticity are of use, the Poisson's ratio is
varying with strain. The Poisson’s ratio [or sand becomes
constant only for large strains which imply failure, and
then has a value preater than 0.5. Such 2 value of u
implies expansion of the material during a triaxial test
(see Example |2.1). Poisson’s ratio is less than 0.5 only
during the early stages of such a test where the specimen
decresses in volume,

Because of this behavior, it is very diflicult to make an
exact evaluation of the value of 4 Tor use in any problem.
Fortunately, the value of x usually has a relatively small
effect upon engineering predictions. For the early stages
of a first loading of a sand, when particle rearrangements

are important, g typically has values of about 0.1 10 0.2,
During cyclicloading u becomes more of a constant, with
values from 0.3 to 0.4. The ratio of two different types
of wave velocities is often used to estimate the value of x
applicable to a cyclic loading.

12.4 BEHAVIOR DURING OTHER TESTS
Simple Shear

The shear modulus of soil finds its widest use in con-
nection with foundation vibration problems and is
generally evaluated through a measurement af shear wave:
velocity. Figure 12.8 indicated the typical variation of
shear wave velocity with confining stress. Figure 12.10
shows the effect of void ratio. Factors such as cemposi-
tion affect Cp by inflvencing void ratio. Figure 12.10 can
be used for & wide variety af granular soils,

As is the case for constraimed and rod maodulus, the
shear modulus from a static repeated loading is for
practical purposes equal (o the modulus calculated from
the wave vzlocity for the same initial stress. This is true
for stresses much less than these associated witl failure,
The confining stress may be taken equal to

e (14 2K4)
3 [\

Special Triaxial Testy

In order to duplicate the type of loading expecied
within an actual mass of soil, both confining stress and
axial stress dre often varied during a triaxial test. Using
the equations developed in Example 12.2, vajues of E
and p may still be evaluated from sush a test, This is
illustrated in Example 12.7.

» Example 12.7

Given. Dala for Test 8, Figs. 1021 and 10.23.

Find.  Eand patend of first loading. i

Sulution. The first step is 1o find the values of Ao, = Ae,
and 4o, = &7,

A, = Ap + Ag = 1.52 4 0.81 = 2.33
Ao, = Ap — Ag = 1.52 — 0.81 = 0.7)
The strams from this loading are
de, = 0.00268
Ae, = 0.00020
Thien, from Example 12.2,
(233 + 2% 0.71)(1.62)
= 0.71{0.00268 - 0.0004) + 2,33(0,00268)
3.75(1.62)
~ 0.00162+0.00625
0.71(0.00268)~0.00020(2.33)
"= 000747
0.00189—0.00047
= Goorer - o 4

E

=772 kgjem?
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Fig. 12,10 Shear wave velocities through quartz sands (From Hardin and Richart, 1963).

12.5 SUMMARY OF MAIN POINTS

The concepts from the theory of elasticity apply to
soil only In o very approximate way. MNonstheless; it
15 olten useful to use these conceépts and to use values
of modulus and Poissan’s ratio which apply approx-
imately for a particular leading, Clearly, good judg-
ment 15 nezded when choasing values for these param-
eters.

The same factors that affect ¢ also 2ffect modulus,
However, the effect upon modulus is more marked. Tuis
difficult to estimate villues of modulus with much accu-
racy, and test data for the particularsoil will be necessary
whenever gn acourate estimate is needed.

Since modulus depends on void ratio, and [t is difficult
to obtain undisturbed samples of prenular soils, it 15
especially difficult to measure the modulus of granular
soils reliably. From experience, it appears that the
second cycle of leading during a laboratary test usually
gives the best measure of /2 sy modulus. Apparently
the effects of sample disturbance are compensated by the
effects of the initial loading. There are no rehable
correiations betwesn modulus and biow count.

PROBLEMS

121 I £ = 16000 psi and y =135, ¢valuate the etn-
gsirained jrosdulus Doand shear modulus G,

122 For the data given in Problem 12,1, compule the
dilatational velocity Cy,, rod velogity €y, and shear veloeity
g Assume a value of pwhich s reasonable for o dense sand,

12.3 K, for a sand is found o be 045, Assuming that
sand 15 an elastic marerial, compute Poisson’s ratio .

124 Refer 1o Figs, 10.2] and 10.23. For Test £} initial
loading, compute £ and ¢ for {a) the entire stress increment,
and (&) the inerement Lo the first data pemt. First sasume thid
E and o can be compured as though this were an ordinary
inaxiel tes) using Eqs. 12,1 and £2.2. Then use the equaiions
it Example 12.2.

12.5 Repeat Problem 12,4, using the resuits for Tesp A,
second loading.

126 Estimate Young's modulus (seeant modulus 1¢ § of
failure load Tor a fits! loading) for a well-graded, subangular,
dense sand Jocated at a depih of 200 ft below ground surface.
Hint. You will need 1o estimate several factors in order 1o
arrive-nl o satisfoctory estimate, )

12,7 Using the dama i Fig: 12.10, estimate the sheur
modulus at 20-ft depth of a sand having ¢ = 0.6, & = 1.7,
K, =05,




CHAPTER 13

Earth Retaining Structures and Slopes

Building on preceding chapters, this chapler considers
earth relaining structures. Several examples of retaming
structures were given in Chapier 1. Figures 1.9 and .15
show shezt pile bulkheads dnd Fig. 1.128 shows a braced
excavation. Figure 13.1 illustrates an even more common
retaining structure: a gravily retaining wall.

When designing retaining structures, ar engineer aiten
needs o ensure only thut total collapse or failure dons
not occur. Movements of several inches and even several
feet are often of no concern a3 long as there 5 assurance
that even larper motions will not suddenly oceur. Thus
the approach to the design of retaiming structures gener-
ally is to analyze tlie conditions that would exist at a
collapse condition, and to apply suitable safety factors
to prevent coliapse. This approach is known as fimit
desipn and requires fimiting equilibriim mecionics.

The early portions of this chapier present methods used
to anzlyze the stability of structures that retain dry
granular solls. There are many practical situalions lo
which these methods can be-applied directly, Generally,
of course, water and theclay content ol a soil are impot-
lant to o practical problem, bl the methods developed
for dry granular suils form the basis for the methods
(presented in Parts 1V and V) used for these mors com-
‘plicated situations. '

There are many situations in which the movements of
retaining structures must be given serious consideralion—
situdtions where consideration of siability only is in-
adequate for a proper design. These situations arise
especially with regard to clayey soils, but they can also
arise with sandy soils. The later sections of this chapter
consider such situations,

This chapier cencludes with & briel discussion of the

stability of slopes in dry granular soils.

13.1 APPROACH TO DESIGN OF GRAVITY
RETAINING WALLS

A gravity retaining wall is Lypically 'used Lo form the
permanent wall of an excavation whenever space require-
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ments make it Impractieal to simply slope the side of the
excevation, Such conditions arise, for example, when a
roadway or storage area is needed immediately adjacent
o -an excavation. In order to construct the wall, a
temporary slope is formed al the edge of the excavation,
the wall is built, and then backfill is dumped into the
space between the wall and the temporary slope. Tn
earlior days masanry walls were often used. Today, most
such walis are of unreinforced conerete although other
special forms of construction are sometimes employed
{see Huntington, 1957; Tcng, 1962)

Figure 13.1 shows in'a general way the foress that act
upon & gravity retaining wall. The beaning force resists
the weight of the wall plus the vertical compenents of
ather forces. The active 1hrust, which develops as the
backfill is placed and as any surcharges are placed on the
surface of the backfill, acts to push the wall outward.
This outward motion s resisted by sliding resistance
along the base of the wall and by the passive resisiance of
the soil lying above the toe of the wall. The active thrust
alsotends Lo overlurr the wall around the'tos. This over-
turning is resisted by the weight of the wall and the
vertical component of the active thrust. The weight of
the wall 15 tHus important (n two ways: it resisls over-
turning and it causes frictional sliding resistance at the
base of the wall. This is why such a wall is called a
gravity retaining wall,

A pravity retaining wall, together with the backfill the
wall retains and the soil that supporis the wall, is a highly
mdeterminate system. The magnitudes of the lorces that
act upon a wall cannot be determined from statics afone,
and these magnitudes will be affected by the sequence of
construction and backilling operations, Hencethe design
of such a wall is hased not on an analysis to determine the
expected forces but on analysis of the forces that would
exist il the wall started to fail, i.e., to averturn or to slide
outwards.

The fiest step in such an analysis 15 Lo envision the
pattern of deformations that would accompany such a
failure. These patterns have been studied by means of
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Fig. 131 Stages in constructinn of typical gravily retaining wall. (a) Proposed excavation. (h) Execavalion
completed, (&) Wall formed and poured. (] Hackfill placed,

small-scale lests which simulate actual retaining walls,
Figure 13.3 shows the: movements during such a 125t in
which granular soil is simulated by rods! These mave-
ments occurtel as 2 support holding the wall was re-
moved. Within the backfill the soil moved toward the
well and downward. These motions indicate that shear
failure vcecurred throughout this active zone, e, the
full frictional resistnneoe was mobilized throvghout this
zone. A sezond zone of shear failure (the passive zone)
developed at the toe of the wall where the wall was push-
ing against the soil.

Considering  these paterns of deformations, an
approach to the design of gravity retaining walls can then
be stated. First, tnal dimensions for the wal! are selected.
Next, the active thrust against the wall I determined,
based on the assumption that shear failure vccurs through-
out the active zone. Then the resistance offered by the
weight ol the wall, the shear force at the base of the wall,
and the passive zone at the toe of the wall zre determined.
Finally, the sctive thrust and 1otal resistance are coms
pared, and the reésistance must exceed the active thrust by
a sujtable safety factor.

! There are many variations of this basic technigue. There have
besn tests with sand contained between two plass plares, Use of
harizantal melal rods, or even loathnicks, eliminates the need for
glass side walle and the problem of friction between thase walls
and the sand. Xeray techniques have besn used 10 obseive the
patierns of motion within soil masses {Roscoe et al., 1963).

The frame shown in Fig. 13.3 is used in the M LT laboritanies
for student enperiments and demonstratlons {see alzo Fig, 13300,
The frame i5 27 in. long by 22in_ high. The rodsare & in. lang and
are of two shapes and sizes (round, § and §in. diameier; and
hexazonal, % and 44 in. acrass Aats) o simulate the interlocking
which occurs in actual soils, Using this frame, studenis test their
awn designs for smallacale retaining slructures, thereby paining
experience in the application of theoretical principles 1o desipn.

This approach to design will be illustrated in Section
13.6. First, however, we must consider methods for
determining active thrust and passive resistance.

13.2 RANKINE ACTIVE AND PASSIVE STATES

As a first step in the evaluation of active thrust and
passive resistance, we evaluate the conditions of limiting
equilibrium lor the geostatic state of stress; which ocours
in & soil deposit with a harizontal surface and no shear
stresses on hanzontal and vertical surfaces.

Suppose that such a soil deposit is streiched in the
horizontal direction. Any element of soil will then behave
just like u specimen of a triaxial testin which the confining
stress is decreased while the dxial stress remains constint,
as shown by the siress path in Figo 134, When the
horizontal siressis decreased 10 n certain magnitude, the
[ull shear strength of the soil ‘will be mobilized. No
further decreass in the horizontal stress is possible. The
horizontal stress for this condition is called the active

P
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Sliding /T Hearing force
resisiance T N

Fig. 13.2  Forces geting on gravity retaining wall,
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Fig. 133 Doullle exposire showing movemends of “soil”
surrounding model retaining wall.

stresz, and the rotio of herizontal to vertical skress is
called the cogfficient of acifve siresy and is deneted by
the symbel K,.

Figure 13.5 shows the Mohie cirels for the active state
of stress.® From our analysis of the stresses at fujlure

= This chupter considers ooly cases wiere the [silure law 5 v, =
oy tan g, Methods for cases whers it 5 appropriate (0 us
T = €+ 0 tan v are divcussed in Pard 1Y

during a trnanial test (Section 11,1) we already know the
ratio of the horizontal and vertical stresses for this case is

Ohs Oy 1 —sind
g, o L-Esingd

tan® (.15_f') _1~—tane
J 14 tana

Ky=

(13.1)

[}

MNow let us suppose that the sofl is comprzssed in the
horizontal direction. Any element of soil is now in just
the condition of & triaxial specimen beingz failed by
mcreasing the confining pressure while holding the
vertical stress constant [or, if we imagine that the triaxial
specimen is piaced on ils side; increasing the axial stress
while holding the confining pressure constant (see Fig.
13.43]. The horizomal stres: cannot be increased beyond
a certain magnitude called the passive siress. The ratio
of herizontal to vertical siress is called the coefficient af
passive siresy Ky Figure 13.5 also shows the Mohr
circle for this state of stress, and the magnitude of X is
given by
Ty

4= 5in ?

A

I — s q';

. ]
K =0T

4
Ty Tar

= lan’ (45-&- ﬂ} = Ak fanx
2] 1 —lap«

(13.2)

Tgnoring any slight difference in ¢ for the two different
stress paths (see Chapter [1) wesee that K= 1/&,

Al rest eandilinn Tar notmally
consolidated soi
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Fig. 134 Stress paths foi Rankoe aclive and lf:‘ls&j‘.’: conditions.
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Fig, 13,5 Rankine states of stress for geostatic condition.

Thus for a given verlical geostaticstress o, the horizon-
12} stress can be enly between the hmits Ko, and Ko,
These two limiting stresses are called eonfigare siresees.
The states of stress at the two extreme sitvations are
called Rankine states, after the British engineer Rankine
who in 1857 noted the relationship hetween the aetive
and passive conditions. The inclinations of the slip lines

45°+£ 10 plane on
which oy = oy 8c1s

(a) ()

which &1 = oy, acls

Fip. 136 Oriemation of slip lines for Rankine states. (o)
Active state. (f) Passive state,
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for the two limiting cases are sketched in Fig, 13.6, which
illustrates the use of the origin of planzs to ebtnin thess
melinations.  In the active condition the shear stress
opposes the effect of gravity, In the passive conditien
the shear stress acts together with grivity to appose the
large horizontal stress.

Table 13.1 gives lgpi:a] values for K, and K,. 17 the
horizontal stretching or compressing of the soil cnuses
very large strains, the [riction angle 4, should be used 10
determine these cocflicients. Geperally, however, il is

Table 13.1 Values of K, and
K, for Rankine States of
3 Geostatic Stress
é K, K,
10F 4.763 j.42
15% 0,589 170
20° . 490 2.04
25 h.406 246
30° 0.3313 3,00
Sy {1,271 3.66
40 0.217 4.60
45° Q.17 5.83

appropriate 1o use the peak friction angle . For i =
30°, the theoretical fnilure lines will be at 60° to the
horizontal for the active case and 30" w the horizontal
for the passive case.

Strains Associnted With Rankine States

The strains required 1o achieve active and passive
conditions may be inferred from the results of triaxial
tests such as those for tests 3 and 6 i Fig. 10.22. These
results have been replotted in Fig 13,7, Part (a) of this
fizure shows the stress puths and both the horizontal and
wertical strains; part (b} shows the horizontal strain
versus the stress ratio K. The important conclusions are!

1. Very little horizontal strain, less than —0 5%, is
required to reach the active state.

2, Little honizontal compression, about 0.5%, is re-
quirzid 1o reach ene-hall of the maximum passive
Tesistance,

3, Much more horizontal compression, about 2%, is
required to reach the full maximum passive resist-
ance,

These results are typical for most dense sands., For loose
sands the first two conclusions remain valid, but ihe
horizonial ;'ulnprﬁcssiun rcquilcd to reach [ull passi\:c
resistance may be as large as 15%,

There rre two reasons why less strain is required to
reach the aclive condition than (o reach' the passive
condition. First, an unloading (the active state) always
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Fig. 137 Strains required 1o réach active and passive states in a dense
sand. (u) Slrzss paths and ¢ versus strain. (&) X versus horizontal strain.

involves less strain than a loading (the passive sltale). different strains will be required to reach the limiting
Second, the stréss change in passing (o the avlive state conditions. Furthermore, most field prablems invalving
is mugh less than the stress change in passing to the retaining steuctures are plane strain situations, and hence
passive state. the triaxial data just presenied are only indicative of those

The foregoing results apply when the initial condition applicable to actual field problems. Data from plane
isa K, condition. If initially o,/0, ¢ K, then somewhat strain tests are more appropriates,
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Fig. 13.8 Rankine states of stress for horizontal ground with shear stresses onovertical surfaces.

Othr.:r Than Geostatic Condition

The coneepts of active and passive stress, and of con-
jugate stresses, apply Lo many problems in addition ta
the problem of horizontal geastatic stresses. For example,
consider the case where the ground surface is leve] but
thete are equal shear siresses on all vertical planes.
These strasses can be represented as r;, = o, 1an ¢,
Figure 13.8 shows the Mohr circle representation for the
Rankine active and passive conditions for this case. The
Mohr circles must satisly the Tollowing conditions.

l. o, = yz. The shear stresses on vertical planes do
not alter this condition, since these shear stresses
cantel an apposite sides of 'a column of soil

2. The shear stress on & horizontal plane equals the
given shiear stress an a vertical plane but is of
apposite aign.

3. The Mohr circle must pass through tlie point speci-
fied by conditions 1 and £ and must be tengent 10
lines at +¢.

Careful inspection of the figurs will show that the anigin
of planes must lie along a line inclined at —ih,, Thena
vertical line through the O, will intersact the line a1 slape
¢, &t a point piving the stresses on vertical planes.
Example 13.1 illustrates the use of this construction. 1t

is possible to derive equations giving the conjugute
stresses for such situations (sze Taylor, 1948). The form
af the zquations will diffep from Eqs, 13.1 and 132, hut
the coneepts remain the same,

133 SIMPLE RETAINING
WALL FRICTTON

WALLS WITHOUT

Qur next step is Lo consider tlie case of a simple re-
taiming wall where (u) the backfill has a horizantal sur-
face; (k) the face of the retaining wall in contaet with the
soil is vertical; and () there is' no shear stress between
the vertical face of the retaiming wall and the soil, This
simple case will serve o illustrate: the concepts and
methods needed for the selution of more complex prob-
lems. The active case will be considered first,

Active Thrust Using Rankine Zone

One way to evaluate the active thrust for this case is to
assume that the aclive 20n2 is a triangle and that cvery-
where within the triangle the soil (s in the Rankine active
condition. The slip lines for this assumed condition are
shown in Fig. 1).%. Within the Rankine zone the
horizontal stress at any depth = is

o, = K =

(13.3)




168 PART 1l DRY SOIL

where
3 = the unit weight of the soil
z = the depth below ground surface
K, = the active stress coefficient, Eq. 13.1

The horizontal stress against the wall increases linearly
with depth. Hence the total horizontal thrust against the

v

By buiat?

wall will be
P, = lyH'X,
where -
H = height of the wall
P, = netive horizontal thrust

The resultant total thrust P, will act a1 a point

\ iz e = 45+ /2 | 3
s | E e B
Distribution of horizumal
stress: oy = Kghve
Fig. 139 Aciive thrust for simple Rankine case.
one-third

of the distance from the bottom io the top of the wall.

» Example 13.1

Gigen. Hoil with hunzontal surface, ¥ = 110 pef, 4 = 30°. On vertieal planes, ry =

=y, lan 307,

Find.  Far aclive condition it depth af 10 [1: horizontal stress, directions of principal

stresses, orientation ol slip lines
Solutfein,
horizontal plane is given by pein

A trinl and error solulion is necessary. First ussume thiat the shear stress on the

tA' i1 Fig. E13.1, The Mo circle corresponding to failure

conditions Is then as shown by the dushed circle.  For ths cirele, the anigin of planes is at
@ p" and the stresses on the vertical planc arc given by point 8', This resull does noLsatisly .

the requirement that =, = —uy tan 30°. Further trials show that the given conditions are
silisfied only by the Mohr circle drawn as o solid line, with stresses on verlical planes at
puin’l A and siresses on harizontial planes at point 4. -
i Man lope =
N 1 eriye ay= 1100 psf .
Locus of £y o | r.; = 380 pst 5
| Driantation of i K
il = A
B lallure plane = | 307
R Flarie on )% il . S g
| which oy (=0 A-l Plane on
acls ol  which oy Acls
_ ! \
P T U ) - i i
i - i 1008
I
I | |
Gkl |
Mohr ehvelcpe : i
I~ Stress condition # u”'i?w_’““
| on vertical planes ~ | of slip lines
il cx=685ps Fo )
Toh= —380 psl Fig. E13.1

» Example 13.2

Givea.  Rewaining wall 48 shown in Fig, E13.2.
Find.  For the active condition:

. Herizontal siress at base of wall,

&, Total horizonzal thrust.

¢. Location of thrust.

Sefurtgn.  From Table 131, find K, = 0,331,
d. Al base, o, = (110){20)(0.333) = 733 psf
b Po=HT23)120) = 7330/ [h/ft of wall

¢, Throst acts 20/3 = 6.7 It above base of wall

Fig. E13.2

]

i

L

Chstribigtion

Fo=7330 b/t

tjy = +33 psi



i Step'2. Choose a second curve,
and repeal operations to
fing ancther value for P
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Step 1. Chpose a curve throogh
the soil and iake the
mass af sofl above the
clrve 23 & frae hody.

By sarsidering dorce ecyuilibrlum

find thrust on wall P.

Weight
Known

P

Ll powe

Unkmowi

Stezp 3. Consider large nmber

of pasumed curves and
take the fargest value
ul P as the active thrust,

Fig. 12.10 Sieps in trial wedge method of stability analysis.

Example 13.2 illustrates the computation of active thrust
using these equations. The peak friction angle should be
used to evaluate K. However, backfills are often in o
rather loose condition; thus ¢ typically is ahout 30°.

This sclution is intuitively satisfying. The requirement
of equilibrium and (he faiure eondition are fulfilled a1
each point within the Rankine 2o0me, a5 are the boundary
conditions ilong the surface of the backfill (no stress) and
along the wall (no shear stress). Hpowever, this solution
is not exact in the mathematical sense. This solution says
nothing about the stresses ovtside of the failure zone:
hence there is no complete assurance that the stresses
outside the zore satisfy equilibrium without violating the
failure law. There are other difficulties which will be
discussed in Seclion 133,

Since the usefulness of Eqs. 13.1, 12.3, and 13.4 cannot
be proved mathematically, this uselulness can only be
demonstrated by comparing the pradictions of these
equations with actial measurements. Such comparisons
have been made by Terzaghi (1934 and these £QUHLIONS
have been found to give seasonable predictions for the
conditions specified.

Active Thrust by Trial Wedges

The trial wedge method of analysis involves the folldw-
ing steps, which are illustrated in Fig, 13,10:

1. A mass of soil behind the wall is considered 85 o
free body. The foree £, which must exist between
this free hody and the wall, is found by writing the
equations of equilibrium for the free body as a
whole,

- A different free body 15 considered, having n d/ffer
ent boundury through the soil  Onec again the
required foree / betwesri the wall and the free body
is found.

3. The actual foree against the wall will be the largest

valie of £ found as the result of considering afl
pussible free bodies.

]

Even though the active thrust i the minimum possihle
thrust for which the backfill can be in equilibrium, we
must seek the free body that gives the largest valiz of this
thrust consistent with the assumption that the full shear
strenpth of the soil is mobilized.

Figure 13.11 shows the application of the trial wedge
method to the problem of 4 simple retaining wall without
friction on the face. Example 13.3 lllustrates the com-
putations. Only those free bodies bounded by straight
lines through the heel of the wall are considered. There
are distributed normal stresses along I and JAT, and
distributed ‘shear stresses along JM, but the desired
analysis can be carrigd out in terms of the resultants 2
and Fof these distributed siresses.
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» Example 13.3
Given.  Retaining wall and backfill of Example 13.2.
Find, Active thrust by trial wedge method.
Solution,  Figure E13.3-1 shows to scale the free hodies and the foree polygons for 0 = 43°
200 £ =55001p/1t

W= KENEnO 1)
= 22 000G 1t

200
b
Ta- S000 I/t

W
11,5651 P= 730010/
W= (200011 55)(110) ;
= 12,700
it
201
W
i

Fag. E13.3-1

and it = 80" Equation 13.5 may be used to cvaluate £ for nrany values of 0,

fi eot @ tan (0 — 30"}  Product F i
359 0.700 0466 0.338 T210
S4% 0,637 0,520 0.33] TR0
60 0.577 0.577 0.333 7330
° s 0.637 0.331 7280
65° 0.467 0.700 0.328 T210
The plot in Fig. E13.3-2 shows praphically the manner in whieh # variss with 0.
goo0
6000 i
;: 4000 Is
5
2000
0 ‘7 Heol
f ;
H
§=50°
LA

Fig. E13.3:2 «




Forces acting on the free body:

W = weight of soil = jyH*com b

P = resultar: of distributed stresses between soil and wall
N = resultant ol normal stresses within soil along assumed

‘plane
T = resultant of shear stresses within soil along assumed
plane = Mtand

F = resultant of Nand T

Egiations af eaullibrivem

. W
ZV=0: =
eas (1 — g)
TH =0 P=Wian (0 — )

P = LM oy M (6 — @) (12.5)

Fig. 1311 Equilibrium of trial wedpe for simple retaining
wiall: active oase. .

Step 1. Place free body in equilibriunt.  The weight W
is known in magnitude and direction, The resultint
forces ' and F are determined as to direction, but not
as to magnitude.  Hence there are two unknowns (the
magniludes 'of P and F) and two equations of force
equilibrium.  The problem is statically determinate and
thus may be solved by statics alone,

In order to solve this equilibrium problem a forpe
polygan s useful. The forces acting on the frze body are
plotizd 45 vectors, with the tail of one vectar connected
to the head of another vector. In this problem the vector
Wois first plotted to some conveniént seale. Then the
directions of P and F are laid off and their interszetion
gives the closure of the force polygon. The magnitudes
of #and F may be scaled from’ the diagram, or alterna-
tively the force polypan may be used fo guide the writing
of a puir of equations which are then solved to give the
magnitudes of I and F.

Steps 2and 3. Scarch for critical free hody.  There are
several ways in which the search for the most critical free
body may be performed.

One way I§ to assume varlous inclinations of the failure
line and determine the value of £ corresponding to each
inclination. Either Eq, 13:5 may simply beevalvated lor
several different values of U, or a force polyson may he
constructed for each U and then / scaled graphically.
Example 133 illustrates the varintion of P with § and
shows & convenient way to plot Lhe results. The thrust #
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is greatest when 0 = 60°, il P iyere to be less than the
computed value, the hackfll would Gl wlong a siope
with this inclination.

Far this simple case il is possible v carry out
the search mathematically (see Example 134). The

> Example 13.4

Given,  Equation 13.3 (in Fig. 13.11) for 2 a5 o funclion
of 0,

Find.  Maximuni valoe of Pand 8 For wlich this AT
moeurs

Saiurian.

} 1an (0 — ) col d
a0 ottt [A sin® U cos® (# — -ﬂ]

—5in (! — ) eos(fl — ¢) + sm Ucos b

e gy
B#L [sin ticas (8 — @)
—sin G ens Meos™ é — sin? ¢ — 1)
LR — — s dcos psin® 0 - cust &)

[sin Bens (0 — &)
ain 24 $in* @ +3in ¢ cos deps 20

e fain f ¢ 10 — &)]°

— Isinétnsﬂﬂ—d)

T T Tsin Ocos (0 — $IF

This 1s zero when cos (20 — ¢} =0 or 2, — % =90% or
0,0 =45 + ¢/2

Substituting.in Eq. 133,
i ] é‘
Py =L oo (45 + %) 1 (ﬂS — ;)

§ f 4}.

w Lol tan® (45 - ;) = 117K, -«
equilibrium eguntion contains the variable 8, which
defines the boundary of the fres body through Lhe soil.
By maximizing the expression for 2 with respec| to @,
the actuz| thrust us well gs the location of the critical
plane of sliding can be found. A graphical procedure
for finding the eritical inclinntion is alsa nvailnble (see
Taylor, 1948, p, 497),

The maximuni thrust Tound by these procedures 15 the
active thrust /.

Moment Equilibrium for Trinl Wedge

The line af action of the veetor ¥ is through the een-
troid of the tria] wedge, One possible location Tor the
veetors Foand F is shown in Fig 13120 P acts al the
third-point of the witll and F ficts at the third-point of
the failure surface These locations of P and Fire con-
sistent with a linear vanution of stress with depth.

Critique of Trinl Wedge Method

The trial wedgs method does not consider stress condi-
tionseither within the trial wedge or outside of theweadge,
und again there is no eomplete assuranee that the stresses
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T

bl

“A

Fip. 13,12 Location of forces so that trinl wedpe is in
moment eguilibrium,

within and below the wedge satisfy equilibrium without
violaling the [ailure law. Thus, dlthough the solution is
intuitively satisfactary, it cannot be mathematioally
proven 1o beexaat.

For the conditions considered 111 this section, the trial
wetlge method gives exactly the same result as docs the
solution using the Rankme zone. Indesd, [or this cass
the trial wedpe methed only reqeats the steps which led
(in Chapter 8) Lo the equations for the Mohr cirele. The
dilference between tlie methods broumes greater as we
turn to more complex situations.

The trial wedge method was originaled by the French
engineer Coulomb i 1776, almost a century befors
Rankine {apparently without knowledge of Coulomb’s
wark] publishes! his nnalysis. Ceulomb ecan thus be
regarded as Lhe founder of the theories for active enrth

Fip. 1313 Retaining wall with uniform sureharge.

thrust. The contnbution of Rankine was to introduce
the concept of passive stress and to Ue topether the two
ealreime cases of aclive and passive siress.

Active Thrust with Uniform Surcharge

The metheds of solution presented in the preceding
paragraphs can readily be extznded to cover situstions
in'which there is a surcharge over the surface of the hack-
fill behind the retaining wall. Such a surcharge mipght
arise from stored material or parked vehicles.

With @ uniform surcharge g, (Fig. 13.13), the vertical
stress at any depth is simply?

al = ql’ + ?;
The horizontal siress is ¢, = K o, where K, is still as
given by Eq. 131, Henge the horizental stress al any
depth is

1 —sin
m, = (g, + %]:ﬁ

I Note that g, denoies an entirely different quaniity than does
g = (7 — op)i2.

={q, -+ 32K, (13.6)

¥ Example 13.5

Crivwn. _I'{n:lnlllli.g wall of Example 13,2, with surcharge of {ogd Fal'.
Find,  Active theost against wall, and location of this thrust,
Sodution.  Additional thrust from surcharge (sec Fig. E13.9) 15

11000)(20)( ] = 6670 Ib/h

PE = 0670010) + 7330(6.67) = 115,6000

115,600

= — = 826 [t
14,000
From sweharge — 6570 [—————
) T P= 14000 (/1
From bagkil B30 fe—r—
1on Ja.s?rl \huﬁ"

Fig. E13.5 4




» Example 13.6
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(iiven. FHetaming wall and backfill of Example 132
Find. Passive thrusi, passive stresses, location of slip line, location ol resuliant passive

thrus.

Sedurion.  See Fig. E13.6:

g = 1000 pet

fer)

Fig. E13.6

At baser | oy, = [(Q0)(110] + 1000]3) = [2200 + 100G)(2) = 9600 psl

From Fig. EI3 66!

P_o= [HZU110) + (20)(100001(3) = [22,000 + 20,0001(3) = 126,000 Ib/f:

- _ 66,000(20/3) + 60,000(10)

126,000

000 pat
b
N
N
— \\ Po= 126,000 h/it
I Y
836f \\
. S P b .1
9800 psf
b
=31610 <

The total active thrust against the wall is then given by
Po = WHK, + q.HK, (13.7)

Pate that the horizontal stress resulting (rom the sur-
charge is distributed uniformly with depth, and hence the
resultant force corrzsponding to the surcharge is located
ut midheight of the wall. Thus the resultant of the total
thrust, reflecting the elfetts of surchurge and weighl 'of
soil, will e betweer midheight and the third point. The
location of the resultant of the total thrust |s found by
vectorial addition of the thrusis [or eacl of the two com-
ponents. This is illustrated in Example 13.5, in which
Example 13.2 is extended to include the effects of a sur-
charge of 1000 1b/ft*, The additional thrust of 6670 Ib/fL
acts at midheight of the wall, or 10.0 1 above the basc,
The resultant of this thrust plus that from the weight of
the soill (see Example 13.5) acts 8,26 [t above the base of
the wall.

The trigl wedge procedure can be used to abtain the
same result, The surcharge vauses another force on the
free body, but this foree simply adds to the waight veetor
W, The location of the eritical surface is not sffected.

Passjve Resistance

Assuming that soil which offers passive resistance is1n
the passive Rankine condition, the passive stress and

tolal passive resistance are given by
oy = yek, + g K, (13.8)
Po= dyiPK, 4 4, MK, (13.9)
where K, is as' given by Eq. 13.2. Here H'is the depth of
the passive zone and g, is the surcharge on the passive

zene. The use of these equations is Hllustrated in Example
13.6.

W=yl “eal §
Q=4 H cot 0

PelgyH Y g, Hicct 6 an (@4 60

Fig. 13,14 Equilibrium of trjal wedge lor simple retaining
witl|: passive case,
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» Example 13,7
Gluen.

Find.  Passive thrust by trinl wedge methnid,

201

ELRRL

Retairing wall and backfill of Example 13.6.

l @=34.7(20000 = 34,700 b/

-
1“’ = §(20)(34 77 (110) = 38,0001/

Fig. E13.7

Selution.  The [urce polypon and free body for 0 = 30" are shown in Fig, E13.7,
Using egualion in Fip. 13.14:

cot O

0 tam (0 4 307) Pl E* +gH)
2" 2,75 8 e 3.28
257 2.145 1428 3.06
e 1.732 1732 300 —
sn 1.42%8 2.145 .06
40" 1.192 215 1.28
2= 31000207 + 1000(20)
= 3[22,000 + 20,0001
= | 26,000 lu/ft
As in Example 13.6, resultant thrust is locnted 8.26 It above base ol wall, -

The toal wedge method for Lhe passive case is busically
similar to that for the-active case, with but ane significant
difference: now the shegr siresses on the fallure surface
act fogether with the weight of the soil to resist the
horizontal thrust from the wall Thus, even though the
passive thrust is the maximum possible thrust for which
thie soil can be in equilibrium, we must seek the free body
that leads to the smallest value for the thrust, 1T the wall
applies 2 thrust greater than this smallest passive thrust,
the soil will not be in equilibnium. Figure 13.14 shows
the formulation of the passive problem using straight
failure surfaces. Example 13.7 illustrates the method.

As was the case for the active thrust, both methods of
soluticn give the same intuitively satis{ying resull lor the
case of a simple wall without wall friction. However, the
only true justification lor the use of Eygs. 13,2, 138, and

13.9 lies in the agreement between the predictions of
thase couations and actual ohserved results.

134 RETAINING WALLS WITH WALL
FRICTION

Generally shear forces develop between the face of a
retaining wall and the backhll because of relative motions
between the wall and backfill. Figure 133 illustrated the
typical patterns of metion. In the active zone, the gut-
ward stretching leads to downward motion of the soil
relative to the wall. Beeause of friction between the soil
and wall, this motion causes a downward shear force on
the wall. Such a downward shear upon the wall is called
positive wall friction for the active case (see Fig. 13.15).
In the passive zone, the horizontal cump’mssiun musl be



" Active Passive

Fig. 13.15 Direction of positive wall friction.

accompanied by an upward bulging of the soil, and
hence thers tends to be an upward drag on the wall. Such
an upward shear on the wall is ‘called pasitive wall [riction
for the passive case. In the mctive case wall friction is
dlmost always positive. Fither positive or negetive wall
friction may devalop in the passive cuss. Whether wall
friction 1s present, and the sign of this friction, must be
determined from a study of the motions expected for
each prohlem.

The magnitude of this shear force 1s controlled by the
friction angle , between the soil and the wall. As noted
in Chapter 11, ¢, usually is about equal o ¢, and
typically has a value of about 30°, For a loose backfill
& and o, will be numerically equal, whereas 4, < o for
& dense backfill.

Solution Using Failure Zone

The conditions that must be fulfilled along the bound-
arizs of the failure 26ne are sketched in Fig. 13.16. Along
the surface of the backfill there gre no shear stresses on
hornzontal and vertical sucfaces. Hence at this surface
the slip lines must be inclined at (45 + $/2) 1o the
horizontal, Along the wall, however, the ratio of shear
to normal stresses must equal tand,. Thus at the wall
the stress conditions muat be as sketched in Example 13,1,
and the slip lines liave the inclination shown in Fig, 13.16.
Hence different Rankine states apply within different
portions of the backfill,

The solution of this boundary value problem now
becomes quite complicated. 1n order that equilibrium
be satisfied within the failure zone, the siresses must
satisly the differential equations of equilibrium.*

a;"—«%l—-y=ﬂ (13.100)
gﬂ—i-hnﬂ (13,10%)
Oz oz
In addition, the failure condition must be fulfilled through-
oul the failure zone: A
i Ty = Gy lan g (131N

4 See Crandall and Dahl {14959, pe 127) far & decivittion of these
equations. The special sign convention used In soil mechanics
must be taken inte acéount,
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Combining Egs. 13.10 and 12.11 leads to an equation
called Kaétier's equation. Salution of this equation, for
the boundary conditions ds shown in Fig. 1316, gives
the onentation of the slip lines together with the stresses
at each point of the failure zone (see Sokolovski, 1965,
Harr, 1986). A numerical integration technigque is
necessary in order to obtain this selution,

A complete derivation of Katter's equation, and the
numerical iniegration technique used for its solutian,
are beyond the scope of this text. Figure 13.16 illustrates
the results by showing the slipdine field construction by
this methad for the case of d = ¢, = 30° The resulting
coefficient of active stress is 0.31. Now K, is'no longer
the ratio of vertical to horizontal stress but is the ratjo

[ 2 [
YTa T T
¥
for siresses at the wall, Note that o, is nef necessanily

equal to yz, owing te the curvature of the slip-line
field . The active thrust is

P, = IyHK, = 031(LyHY

.K‘ﬂ

and is inclined 1o the hoarizontal at the angle of the wall
frietion.  Along the wall all camponents of stress still
increase linearly with depth, and so the resultant thrust
still acts at the third-point of the wall.

A séparate numerical integrition must be made lor
each vilue of ¢ and ¢,. Sokolovski (1965) presents o
table giving these results.

Active Thrust by Trial Wedges

Figure 13.17 shows the general formulation of this
problent using straight failure surfaces and Example 13.8
illustrates & specific case. The farce polygon is modified
sinee FIs now inclined instead of horizontal. Otherwise

No shear stress on
huriluntal wnd ueru:a'l sutfiaces

Along, wall
Tuh = Op AN iy

B -
Fa

Fig, 1316 Shp-hne field and fwiure zone for case with wall
friction. Slip-line field for ¢ = ¢ =230° by method of
Sokolavski (1965).

1
2
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o

o

Fig. 13.17  Equilibrium ol trial wedge for simple retmiming wall
with frction,
By law of sjrnes:

e sin(6 —d)
sSin (90 bdy, +d — )
= fypH3cord an@ ~9)

€08 by + singy, tan (i —a). '

» Example 13.8

Giver.  Retaining wall and backfill of Example 13.2, except that now there is wall
frichon d, = 10

Find,  Active Lirust by trinl wedge methoed,

Solutivn,  Figure E13.8 shows the {ree body and force polygon for 0 =607,
The cquation in Fig 1317 may he used 10 evalunie P for many values of 6.

W= 1ol 33N110)

= 12700 In/it
————— |
/ o
y/
9.
- -~
ll:“
\ &0
& ———]
2500 1o/t ‘
W
Figure ET3.8
8 cot & tan (i — 30°) Q.86 < § tan (6 — &) i
50 0.539 o 164 1.048 0,292
52} 0.761 D.414 1.073 0,296
3] 0,700 0467 1160 0.297 -
574 0.637 0.520 1.126 0.295
60 0.577 0.377 1.154 0.289

1= 02575y 1Y) = 65400 b/t <




3
2
Eﬂ.
-1
5 a1
E [ =]
=
Fan

40 r

20 28 30 35 10

Friction angle ¢

Fig. 13.18 Cosfficient af active stress a3 funetion af wall
Ircvon.

the same general procedure is followed. Moment equilib-
rium is satishied with £ located at the third-point of the
wall, but Fis no langer located at the third-point of the
failure surface.

The eritical straight failure surface found by this
method is an approximation to the more exact failure
surface indicated in Fip. 13,16, The fajlure surfuce of
the tnal wedge satishes the boundary conditions neither
at the top surface of the boackfill nor at the wall. Naote
that the inclination of this surfuce is no longer equal 10
45 4 dj1.

Figtre 1318 gives values of K| calculared usmg the
trial wedge procedure with siraight-line failure surfaces.
These values of K, may bewsed in Egs. 13.3 or 134 to
give the stress against the wall a1 any dépth or the thrust
against thewall. The stress thus caleulated is gt + o
rather than just the horizontal stress, and the thrist thus
catleulated is at the angle ¢y, to the horizental rather than
the horizontal thrust Thos wall Ttetion has two eflects
uporn active thrust: (4) on the magnitnde of £, and (h) on
the direction of P, The secand of these effects is usually
the more important, as is shown by the comparison 11
Example 13.9. Wall friction changed the active thrust
by only 7%, but decreased the horizoniul companent of
this thrust by 24%.

f— NSRS

fa)
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r Example 13.9

Given. Rewining wall of height H with backfill having
$ = 357 and unit weight ¥,

Find.  The effect of wall friction (¢, = 257) upon () the
active thrust and (b) the horizontal component of active
thrust,

Soturion. Thedifference is that between &, and K, cos ¢
Fig, 1318 was vsed for the following tabulalion.

Percam
¢, =0 |d&, =35 difference
K, 0.27 0.25 7%
X, cos ¢, 027 0.204 249 e

Use of curved failure surfaces for trial wedges leads to
slightly mere critical free bodies and to slightly preater
values of K,. Mowever, the differences in £, are al most
a few percentand gencrally so small they are undetectable
ina plot such as Fig. 13.18. The eritical eurved failure
surfaces, and the values of X, are almost exactly the same
as those found hy the method of Sokalovski, However,
the important thing is that these results are in reasonable
agrzement with the few actual measurements whicli have
been made in large-scale tests,

Passive Resistance

Faor the passive case the tral wedge method using
straight failure surfaces signifioantly overgstimates the
resistanice. That i¢ o say, trial wedge solulions using
curved failure surfaces (see Fig 13.09) glve a smaller
passive resistunce than the: passive resistance computed
using straiaht surfaces. The difference increases with
increasing wall friction. The technigue of solution using
the trial wedpe method with ourved boundarics is
deseribed in detatl yn Terzapghi (1943 and Terzsghi und
Peck (1967). Figure 13.20 gives passive stresscoefTicients
obtuned In this way, Alternatively, the method of
Sokslovski (1965] may be used. Both approaches give
essentinlly the same-answer. The thrust computed using,
the coefficients in Fig. 13.20 i inclined to the horizontal
at an angle corresponding to the wall friction,

The theoretical predictions regarding passive resistance
with wall friction ure not as well confirmed by experiment

Fig, 13.19 Comparison of passive failure zone predicted by trinl wedge method using
streight and eurved stip lines. {a) Positive wall friction. () Negatve wall lriction,
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Fig. 13.20 'Chart [or passive stress coefficient (hased on Caquot and Keérisel,

1949),

as the predictions regarding active thrust, and hence
cannet be used with as much confidence. Tschiebotariol
(1951) reports on the resulls of a few large-scale labora-
Lory Lests.

Surcharge

In general, addition of a surcharge changes semewhat
the slip-line field as obtamed by the method of Sokolovski
or by trinl wedges using curved fatlure surfaces. Hence
Egs. 13.7 and 13.9 do not apply exactly unless simple
geostatic conditions exist; Le., the thrust should be
evaluated separately for each different combination of
g, and . Howaver, within the asccuracy needed for
engineering compulations (and keeping in mind the
uncertainly a5 to just what is an “exact" solution) Eqs,
13.7 and 13.9 may still be used {ogether with values of
K, or K, computed lor zero surcharge.

13.5 ACTIVE THRUST AND PASSIVE
RESISTANCE FOR OTHER CONDITIONS

The foregoing sections huve given results which can be
applied to simple retaining walls, and, more important,
they have illustraled the methods that can be used to
handle more complicated situstions.

Active thrust from a homogeneous backfill generally
can be evaluated with reasonable accuracy using Eq. 13.7,
For relatively simple boundary conditions, values of &,
can be oblained lrom tables, charts, and formulas so that
it usually is not necessary to go through a series of trial
wedge computalions. Figure 13.21 gives a [ormula
(Eq. 13.12) applicable for inclined retaining walls and
backfills, including the effeet of wall friction, The

coeflicient of §3H*in this fermula is X, The direction
of F, is as indicated in the figure. This formula was
derived (hy Coulomb in 1776!) by the trial wedge proce-
dure using straighl failure surfaces, but the general
accuracy of the results has been confirmed by caleulations
using the method of Sakolovski, )

Figure 13.22 gives values of X for the special case of
zera wall fmetion. This table can be usced to estimate the
thrust for the case of wall friction, as is illustrated in
Example 13.10. Example 13.11 shows the application of
the active stress cocflicients Lo a problem with surcharge,
Note that ¢, in Eq. 13.7 is the surcharge per horizontal
area regardless of the slope of the bavkfill,

Similarly, Eq. 135 may be used to cvaluale passive
resistance in more complicated problems. The trial

Fig. 13.21 Coulomb equation for sloping backfill and wall
friction:

P, = hyifh ese fsin (8 — 4) ]‘
° e sin (¢ + &) sin (¢ =)
Ven(# + *'\/ sin (8 — 1)

(13,12
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Fig 1322 Coefficient of active stress as function of inclimation of wall and backh)l.

wedge or Sokolovski method must usually be used to
find K,. These methods may alse be employed to find
cither active thrust of possive resistance for more com-
plicated situations such as stratified backflls, irregularly
shaped backfil's or wells, nonuniform surcharge, etc.
These applications in connection with gravity retaining
walls are discussed in Huntington (1957}, Application
of Kiuer's equation Lo complex problems invelving
other types of relaining structures is given by Hansen
(1953).

General Evaluation of Limiting Equilibrism Selutions

It has already been noted that the methods used 1o
ohtain the solutions given [n Sectiona 13.3 and 13.4 are
not exact in & mathematical sense, That is, it cannot be
proved by mathematics alone that these solutions give a
uniigue solution lor the assumed boundary eonditians.

A camplete, exact solution for an active or passive
condition of limiting equilibrinm must meat the following,
five conditions:

I. Each point within the soil mass must be in equilib-
rium. Hence the pattzrn of stresses must satisfy the
dilferential equations of equilibrium, Ega. 13.10.

2. The Mohr-Coulomb failure conditien must not be
violated at any peint; forany plane through any

point,
T Z o aptnn & (13.13)
3. The straine that ocour must be related to the stresses
through a stress-strain relationship surtable for the
soil.
4. The strains that oceur at each point must be com-
patible with the strains at all surrounding points
5. The stresses within the soil must be in equilibrium
with the stresses applied to the sail,

Thg requirement ol using o suitable stress-strain rela-
tionship imposes the greatest obstacle for abtaining an
exact selution. 1t is necessary to consider the strains that
oceur once the failure condition is reached (such as the
volume increase which accompanies shear distortion) as
well as the strains [orstresses less than [dilurs: Progress
has begn made in develaping methads for handling soch
complex siress-strain relationships, e.g, Christian (1966).
Almost nll limiting equilibrivm selutions assume that soil
is rigid-plastic, which means that there are no strains gt
any point until the failure condition s fulfilled. Hay-
thornthwaite (1961) discusses ths peneral theory of
limiting equilibrium in rigid-plastic materials obeying the
Mohr-Coulomb failure law. Upper and lower bound
theorems have been developed. However, in view of the
uncertainty as lo a proper stress-straln relutionship, the
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» Example 13.10
Given.  Retnining wall gnd backfill as shown in Fig. E13.10:1.

12"
T
=110 pef
& = 30°
Ay = 30"
201t
L N A %
20"
Fig. E13,10-]

Finged: ™Moment of active thrust ahout paint A,
Serdwetsan Uiy £ 1312

=12 f=110
sin B

s 17 sin B07 e ———— = | {49
¢ o s 707 o

Vsin 140" = 0803

sin 61" sin 28" f0 866 * 0.470
. = 0641

sin98 3/ 0950

1048

e i ¥ | e
Py =110)020) {u_.aua F 064l

T
] = 22,000(0.528) = 11.600 Ib/ft

Normal conpenent of 2,
Pyoeos 30° = 10,050 [b/Mt

Fig. E1310:2

P, acts § of way up wall, or at stanl distance of 7.1 ft above base (see Fig. E13.10-2)
Moment of £, ihout point 4 = 10,050 % 7.1 = 71,400 Tb-1/ft.

Approximate Solution Using Fig, 13.22 Use K, for ¢, = 0, butincline P, at dy = 307 o

normal to wall.
K, = 0.59 mstead ol 0.528 above, so thal momenl is overzstimaled by 11%

-
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b Example 13.11
Given. Retaining wall and backill 4s shewn in Fig E13.11-1. Surcharge = 500 Ib/fi* ol
slope.

Fig, E13.11-1

Find, Moment ol active thrust about point A,

Salulion, See Fig, E1311-2,

7. =500jces 12° = 51| Ibfhonzontal ii?

Fg E13.1122
Fram Fig 1322
; K, =059
FPo = HOSNL 100200 + (T3UF11)(20) = 13,000 + 6020 = 19,020 1u/ft of wall
bl
Slant height of wall = o 2L

_ o [13,000)7.1) + (6020)(10.65)
F o=

= B.2% ft

13,000 + 60320

Moment about point A = 19 N20{E:23) = 157,000 |6-t/01 4

applicability of these theorems is uncertain. The devel-
opment of methods for handling more realistic stress-
strain relationships deserves much more attention.

Even when a rizid-plastic material is assumed there still
are great difficulties. 1t is difficult to ensure that Eqs
13,10 and 13.13 are fulfilled throughout the soil mass.
Most solutions prove that these-conditions dre satisfisd
only in a limited portion df the mass within the failure
zone. Even within these zorzs there is diszgresment on
the relationship berween stress and strain because of the
necessily of accounting for the volume changes that

aceompany shear sreains, and hence there is uncertainty
as to whether the strains associated with the stresses are
compatible, or kinemarically adiissible,

In addition to thess fundamentsl difficulties, the
equations that must be solved (Kéiter's equation) are
complicated, and contact with physical reality s lost
while carrying oul the required numerical integrations
Whereas such solutions have received considerable atien-
tion in Europe, in the Americas the tendency has been
to use thesimpler triul wedgz method. The salutions of
Sokolovsk: and Hansen, which deserve more altention
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» Example 13.12
Given. Retaining wall as shown in Fig. E13.12-1.

r-— in

P, = 8540 Ib/1t
P
5660 T

871

!

=
1l
il
=
(==
; =

| I

'ilural : T I
¢ = 35%, gou= 30° o] L
Tt

Fig. E13.12-|

Fimd.  Adequaey of wall
Selution. The first step is 10 determine the active thrusi; see bxample 13,8,
Thenexi step is to compule the weights:

Wy = (1)(20)(150) = 3000 I/t

W = 1(6)120)(150) = 9000 1aif

Next N and T are computed:

N =59000 + 3000 + 3270 = |5 20 1b{N
Overturning momenl = 5660(6.67) — 3270(7) = 37,800 — 22,900 = 14,900
Mament of weight = (6.5){3000) + {4)(9000) = 19,500 + 36,000 = 55,500
Ratio = 3.73 {?_l_‘-:

;55500 — 14900 40600 o
4 Gan iz o ek K

The locatlgn of N shown in Fig. E13.12-2

| Rt SR B, i e R B

23, | 2331
U]
| _ i

!|'_
|
I 2561 | [

Fig. E11.12:2
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Example 13.12 (confinued)

L

ilfmn

< mam |

Fig. E13.12-3

Next the bearing siress is computed. The average bearing stress is: 15,2707 = 2180 psl
Assuming that the bearing stress is disributed linearly, the maximum siress can be found
(ses Fig. E13.12-3), since

[ mom 3

where
M = moment about £ = 15.270(3.5 — 2.66) = 12,820 Ib-f1/f1

5 = section modulus = §8° = 370 = 8.7 I?
where # 15 width of hase
12,820

Maximum stress = 2180 + 1570 = 3750 psf
Finally, the: resistancg 10 herizontal sliding is checked. Assuming passive resistance

183

without wall friction,
K=1.

With reductlon factor of 2,
P
F

—£ = 750 1b/ft

P, o= {{110)(3%)(3) = 1500 1L/}

T = 5660 — 750 = 4910 b{ft
Nitan 30" = ER1O b/t

Ntan g
—Ti“ =179<2 notOK
' Tenoring passive resisiance
T = 5660 b/t

Notan dy,

= .55 > L5 oK

_— -

than they have received, are 51l not exact in the sense
that they do not fulfill all of the five conditions previously
oullined.

Despite these many theoretical difficulties, the solutions
presented in Sections 13.3 to 13.5 are useful in practical
work. Their applicability has been verified in a limited
number of situations by measurements of stresser and
thrusts in lurge-scale model, *ests and in actual situations.
Alfter being verified by Lhese observations, the results can
be used with rzason te predict stresses and thrusis in
situations for which there are no actudldata. Foractive
conditions, the resillts presented in these sections will
give the active thrust within 107 provided that the
friction angle s known accurately. For passive condi-
tions, the uncertainty is :grcatcr—perhaps +20%—
eapecially if wall friction is present.

13.6 EXAMPLE OF DESIGN OF GRAVITY
RETAINING WALL

In arder 1o illustrate the design procedure for a gravity
retaining wall, let us consider the prablem shown in
Example 13,12, The lollowing steps should be noted:

1. The active thrust is computed using a value of &,
selected (rom Fig. 13.18 [or the given ¢ and ¢,
This ealeulation is made in Example (3.8, This
computation. of course, presumes that the failure
strface passes entirely through the backfill rather
than through the natural sand. It i5 canvenient to
break this thrust up into its vertical and horizontal
components.

2. The weight of the wall is computed, breaking the
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actual geometrical shape up wito twd simple shapes
to fngllitate the complitation

3. 'the beaning force N is computed. The location of
the line of action of N 1s°alse computed. I[ F were
less than zero, obviously the wall would not be
stzble. That s, suclh a result would mean that the
overturning mement from the gctve thrust exceeds
the resisting moment of the weight Diallerent en-
gineers wse different desjgn rules to guard against
such o possibility. Cue rute which also is used 1o
it the maaimum bearing stress (discussed Juter)
is that N should be within the middie third of the
base. An alternate rulz is to reguire that the ratie
of resisting to overlurning moment should be 1.5
ar preaier. This second rule 15 in effect a safety
faclor apainst a poor estimate of the nctive thrust.
The wall of the example {8 ndeguale by either of
these eryleria.

4. The nexi question is: Can the nawral sand safely
support the vertical foree N A [ull 2nswer Lo tus
guestion must wiit until after we have studied hesr-
ing cupacity 1 Chapter 14, An average bearmg
stress of 2080 psl (or about | TSF} will usually be
loleranle. Because the resultant & dees ol act
exactly intlizcenter of the base, the maximum bedr-
ing stress at the tae will exceed the average bearing
stress. As will be explained jn Chnpter 14, if A nots
within the muddle third of the base the muximum
stress will be less than twice the avernge styess and
will also be tolerable.

5. Different zngineers alse use different rules 1o elieck
for shiding resistance.  ln one rule the puassive
resistance is considered, and the combined sliding
resistance and passive resistance must exceed the
horlzantul component of thrust by asalety factor of
Iwo ar greater, In asceond and mare common rile
the pussive resistance is ignored, and it is required
that the resistance to shding be ol least 1.5 tmes the
horizontal component of nctive thrust. The wall is
adequate since 1L Tullills the cecond af these rule)

In tiis example, the stated salety factors represent the
engineering judgnment of engineers regarding Lhe certainty
with which the various forces and resistances can be
estimated. By these stundards the will is barely adequate.
Either smaller or grealer safety faclors muy be required
depending wpon the circumstances of each individual
probiesm.

The rest of this section discusses further seversl of the
mosl important points,

Justification for Use of Active Thrust

In earkier seclions, it has been pomted out that the
active theustis the munimum possible thrust that the soil
miy exert agiinst a relaining wall,  This question then

arjses: Should not such a wall be designed for the
possibility that some larger thrust exists?

The first answer to this question is: As long as ths
backhll ir a dry granular soil whose friclion angle is
known, the thrust against & gravity retaining wall gener-
ally does equal the theorstical active thrust. This was
demonstrated by the very careful tests by Terzaghi in the
19205, 1n these tests, the walls were hald against horizon-
tal movement as the backfill was placed and the thrust
against the wall was measured. As expected, this thrust
was preater than the active thrust. Then the walls were
released and permitied (o move horizontally or to rotate.
After a movement of ths top of the wall equal to only
0.001 times the height of the wall, the thrust had dropped
to ais theoretical active value® This is a very small
amount.of movement (the angular rotation is anly 0.06%),
and it must be expected that o gravity retaining wall will
rotate this much as the backill is placed against it.

Even so, if, for samc reason, the thrust against o
retaining wall were greater than the active value, it would
not mean tirat the wall potentially was in trouble. On the
cantrary, it would mean that the carth underlying the wall
is much stronger than it need be.  Long before & wall can
fail, it must move enough to wobilize the shear strenpth
of the soil and 1o drop the thrust to its active valpe. i
other words, the strength of the backfill hehind o retaining
wall will be mobilized long before Lhe shear strength of
the soil that supports the wall is mobilized. Under such
circumstances, it makes gr sl sense Lo design the wall for
the active thrust, and lo use a safely factor on the quantity
in the desipn about which the designer knows least: (he
bearing capacity of the soil supporting the wall.

Having empliesized how small the wall movements are.
we now must turn around and emphasize how large they
can be. [ o retaining wall is 20 {1 high, a rotation of 1
m 1000 means a horizontal displacement of | in. ar the
top of the wall. In most situations where gravity retaining
walls are used—highway or railway cuis, etc—this
amount of movement {or even several times Uhis ambunt
of mevement) literally is of no consequence. However,
there are problems where this amounl of movement
might cause trouble. A classic situation 15 a wall used
lor theabutment of'a bridge. 1T the wall has been desipred
for the active thrust, and if the backiill is pluced ufter the
bridae is setin place, then there must be-suflicient elear
afice between the wall and the girders 1o accommodare
the outward movement of the wall,

There are numerous retaining structures (hal re-
semble gravity retaining walls, but often these should
nat be designed on the basis of active thrust. A _braced

® 1o Section J3.2 it was stuled that @ horizontal siraln of about
0.005 is regjuired in passing from the at rest to (e aétive condition,
The horizontal widil of the Tmilure wedge is & cot (45 + ¢2) ar
abolt 12 Henee the hosizantal displacement of the wall would be
0.00254. Thus behavior of sand. during triaxinl t=sis i in pood
agreement with Terzaghi's results.




excavation [Section 13.7) and somelimes anchored bulk-
heads (Section 13 8) are examples. The cantilever type
of retaining wall shown in Fig. 13.23 is another example.
Such walls, which have teinforcing steel, are sametimes
used where space restrictions preclude the use of massive
gravity walls. Il & eantilever wall rests upon very firm
s0i] 50 that the foundation experiences little or no sliding
or rotation, active conditiens within the backfill can
develop only by bending of the cantilever. The amount
of bending neeessary 1o develop the active eandition may
cause severe cracking of the cencrete and yielding of the
steel. Cantllever retairing walls are often designed on the
basis of &, rather than X,.

‘The wall surrounding the basement of a building is an
example of an unyielding wall. The magnitude of the
slresses acling against a foundation wall will depend
largely wpen the degree of compaction givea to the back-
fill. 1f a clezn sand is dumped against the wall without
compaction, the horizontal stresses may be almost as
small &5 the active stresses. If light compaction 15 used,
such as simply running a bulldozer over the several lnyers
of the backfill, the horizontal stresses will likely equal the
at-reststress, With heavy compaction, stresses approach-
ing the passive stresses might be developed, The usual
practics js to design foundation walls for the at-rest $tress,
i.e., for a horizantal atress of approximately one-half the
vertical stress. When & wall is designed on this basis,
heavy compaction of the backfill must be avoided. Other-
wise the feundation wall may be cracked.

Choice of Friction Angle for Backfill

The peak friction anple of the backfill should be used
fer design computations. IT the granular soil is simply
dumped into place, this angle will be approxmmately ¢,
Usually, however, backfill i3 given at lzast nominal com-
paction by a bulldozer, so that & medium dense state s
generally achieved. The nerease in frction angle
achieved by moderate compaction will offsst the dis-
sdvantageous increase in umt weight. However, intense
compaction seldom s justified, since there (s 1the danger
that large outward wall movements will occur during
compaction .

Role of Wall Friction

Wall friction greatly reduces the honzantal thrust and
especially the averturning mament against a wall. The
wall in Eaampie 13.12 would not be pdequare if it were
not far wall friction (see Problem 13.8). Generally it is
eppropriite to take advaniage of the beneficizl effects of
wall friction, since (he downward drag will develop as
the wall maves omward, However, an enginesr must
sauisfy himszll on this point in each case.

Evaluation of Passive Thrust

The horizontal width of the passive failure wedge is
H' 1 (45 + ¢j2), or about 21°, where Ji” is the depth
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Fig. 1323 Counterfort and cantilever reraining walls.
(a) Cantilever. (&) Counterfort, (From Huntington, 1957.)

to which the wall is embedded. For a loose sand, from
10 to 20 %4 strain might be needed to mobilize full passive
resistance. This strain would correspond to a displace-
ment of 0.24" 10 034" Thus for #' =3 11, as in our
refaining wall example, as much as a foor of herizontal
displacement might be necessary in order to mobilize full
passive thrust at the toe. This is more base displacemen
thanis desirable, and hence a relatively lurge safety factor
is used whenever pissive resistancs is taken into consider-
ation. Ag indicated by the curve in Fig. 13.7, not much
displacement is needed 10 mobilize one-half of the full
thrust. Usually wall friction in the passive zone fs ignored.
thus _adding to the conservatism. If wall friction is
ncluded, the vertical compenent of passive thrust
will cause a decrease in N, and this effect should be con-
sidered

Some Design Sugpestians

The foregoing detals have been ncluded to indicate
the type of considerntions that znter into design, Still
other details may be found in Huntington (1957). Clenrly
the making of an adequate design requires much more
Yenginegring” than simply the ealeulation of active
thrust.

Use of cinders for haekfill is sametimes considersd as
& means of reducing active thrust and econamizing on
design. Cinders have a small unit weight (30 pef) and
vel have a friction angle as large as sand.

Sloping the will in contact with the soil leads to a more
favorable location of the resultant weight of the wall
relative 10 the outside edge of the wall, and may thus
maks it possible fo use a narrowar base and yet keep the
resultant A within the middle third of the bose. This
saving must be compared with the cosl ol added form-
work.

137 BRACED EXCAVATIONS

A gravity retaining wall is a permanent structure, used
when in excaviition is peirmanent. In many cases, liow-
ever, an excavation is only temporary, Examples ape
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excavations for buildings or subways. Here the exeava-
tons are flled with a structure which then permanently
retains the surrounding earth, If the temporary sxcava-
tion is made in sand, the walls of the excavation must he
supported during construction of the building by a ¢ystem
of bracing, as shown in Fig. 1.126. The design of bracing
for excavations will be discussed in some detail to illus-
trate one situation in which it'may not be proper to design
on Lthe basis of active thrust.

Figure 13,24 shows two common systems [or installing
the bracing. In one system, sheef pifing (a contimuous
line of piles) is driven in adyance of excavation. As
excavation proceeds, horizontal members known as
wales arc placed against the sheet piling, and additional

Plan

Sheel plling

Stiest piling divan

Flan =

Salder
oenms

Elevaiian
driven

fa)

(t)

horizontal members called siruts are placed across the
excavation and wedged against the wales, In the second
general system, verlica] members called soldier beams arc
driven at intervals along the line of excavation. As
excavation proceeds, horizontal wooden planks called
lagging are inserted against the earth and are supported
by the soldier heams, Wales are again placed hurizontally
across several soldier beams, and struts are wedged in
place between the opposite walls of the excavation.
There are, of sourse, many variations on these basic
systems, depending on the size of the excavated area and
the preferences of the individual contractor. Figure 13.25
shaws struts braced against a block in the center of the
foundation instzad of against the opposite wall. There

Excavafion stariad; first
tier of wales and siruts
In place

First lier of
lagging. wales
and struls
In piace

Fig: 1324 Systems for installing bracing. (o) Braced excavallon using
sheet piling. (4} Braced excavation using soldier beams and lapging.




Fig. 13.25 Excavation for MLT. Center for Advanued
Enginesring Study.

is increasing use of figbocks, anchors driven through the
wall fnto the earth behind the wall. The use of tiebacks
keeps the excavation free of obstacles.

Form and Magnitude of Stress against Bracing

Severul field observations- have shown that the stress
aganst the bracing:(when the bracing is placed against a
sandy soil) has the distribution shown in Fig. 13.26. Note
that this distribution is quile different [rom the active
stress distribution. Maoreaver, measurements have also
indicated that the total thrust against the bracing may be
somewhat larger than the thrust predicted for the active
condition.

The observed pattern of stress may be understood i we
examine the way in which the soil deforms as the excaya-
tion proceeds (see Fig. 13.27), The topmost strut, once
imstalled and wedged tightly against the wile, will not
permit any further appreciable horizontal displacement
of the soil at that elevation. As soil is excavated at some
lower glevation, the remaining soll at that lower elevation
will move toward the excavation until jt 18 in turn sup-
ported by astrut. Thus the averall patiern of soil move-
ment is one of rotation about some point near the top of

L Tezrraghi and Peck (1967} summarrze the results of field moasure-
menis from braced excovazions
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Fip. 13.26 Typical distribution of siress apainst bracing
syalam

the bracing. The soil near the tap of the bracing 15 not
allowed 1o move outward as i5 necessary to maobilize
full shaar resistance within the seil. Rather, the soilata
lower elevalibn exerts a drag type of shear force upon e
overiying soil. Henge the soll near the tap of the wall is
more nearly in a passive state of stress than in an aclive
state of stregs

Altheugh the distritiition of siress apainst the bracing
is guite different than an the classical active stress situg-
tiom, it is not neeessarily true that the total thrust against
the wall differs greatly fram that predicted lor the active
condition. As Tong as full shear resistance is mobilized
along the bottom boundary of the fiilure wedge, the
tatal thrust exerted apainst the soll hy the refaining
structure is much the same whethzr the relwmng stroc-

ture is a gravity wall or 2 bracing system. However, the

i

= Shear slress i sama
?/A—- direction as ln passive
f A condiban
RE: . t_.Thrur.t miuch gregte:
g } F than sctive thrust
| s
A -
ek ! fa) i#)
I

Thrust /_,('{

similar ./’ ~. Ghear stress o3

ta active In mctive eondition
trrust

Fig: 13.27 Movements and stresses within soil.  {g) Seil
movement (greatly exagperated). (4 Stresses on wedpe O 8,
lc) Stresses an wedge Q€ 0.
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Distrirution propossd
by Tschebotarioff {(1951)

_— -?f—ﬁlr' t,
2 =
02| g A
T s i e S
4,
064 \‘i \
\.
Qistribution propesed
" by Teraaghi 2nd Feck (1948
gzl |
-
=
b
085 vHA T \";ﬁrmazru 3nd Fesk (1967)
08y HK,

Fig. 1328 Stress digiribution used for design of brasing
Svale

pattern of deformation of the soil will influtnce some-
wlint the Incation of the critical (heavetical failure line.
and hence the thrust will change somewhat with the
retapming system (Hanseil, 1953).  The tolal thrust
against a braced wall may be J10-15% greater than that
against w goavity wall

The state of stress in the soil belind 4 braced cut his
often been deseribed as un ar Ming weciive condition,

Br=A S A P
+ - NS
Er=B+C B l ¢
Py=ptE [ D E
Hy=F ;— r ;

Fig. 13.29  Compmation of strut loads,

Desipn Procedures

For purposes of designing a bracing sysiem it ususlly is
assumed that the distribution of stress agast the sheeting
or lagging isasshown in Fig. 13.28. The method of com-
puting the strut loads Irom this distribution is indicated
in Fig. 13.29 and is illustrated in Example 13.13,

According to the stress distribution praposed by
Terzaghi and Peck (1948), the total thrust is 0.645 52K,
or 28 U preater than the active thrust. Thus the proposed
design stress distribution recognizes that the totz] thrust
iy exeeed the setive thrust. However, there is 2 secand
tand more important) reason why the total design thrust
execeds the active thrust. The actual siress distribution

» Example 13,123

Girent,  EXeavatjon and bracing system as shown in Fig, E13.13-].

(L) e
&t
Sand:
(‘_2 —— 7= 110m! —F
) ¢ = 35" 6
®
@ — .
& —-
o= 0072

Masirum siess = (0202 (110} (R0 E) = 622 ml |

T2

&1

61

521

156 H

? | 521t
==

&

Fig. E13.03-1

Fined,  Desipn sirut loads.

Softtion,  From Table 13,1, K, = 0272 Maximum siress js

(0.272)(110)(26)(0.8) = 622 ps

From Fip, E13.13-2:

(o) = TEIB(4.530 + (1741001400 = 7320 + 2440 = 9760 Ib

Py = 1628 Ib/fi

4= 1741 + 1618 — 1628 = 1721 1by11




Example 13.13 (cantinued)

11622)(5.2) = 1618 IbfH
P

Ch, 13 Earth Rewsingmy Strictires and Slopes

—

347 H

{313
THLADft

From Fig. BI3 13-3:
| c

¥

T ag(s23)= 1741 Ib/R

Fig. E13.13-2

= D = 1863 Ib/fi

B(A22) = 3730 Ib/Ht
ER 1

Frem Fig, B13,13-4:
Pu(6) = 498(0.4) =+ (
F. =715 InjM
F=1618 4 498

Fig. E13.133

1618Y(2.53) = 200 + 4090 = 4290 1b

— 715 = 401 Ib/ht

(0.8)(E22) = 498 ib/Nt

E 4 ! 040 1t
;l"’:g?l.l“
T3t
a5 14
1618 it
Fig. E13.13-4

Assembling these resulis:

P, = 1628 Ib/fy

P, =1731 + 1865 = 3596 Ibjh
P, =2(1865) = 3730 Ib/ft

P = 1865 + 1401 = 3266 Ib/Tt
P, =T15 1)1t

If struts are located at G-t intervals along wall, then design sirut loads are

Py = 9800 Ih
Py =12],6001b
Py = 22400 1b
P, = 19,600 1b
P, = 4300 1b

Struts should be designed for o safely factor oppropriate for the materinl used for the strut,

-
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Fip. 13.30 Failure of model of braced excavation. (g) Stable  (6) About lo f@il (¢} Failing; nole mbtions, (d) Aller
Fatlure.
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will change from section to section depending on just
how tightly the individual struts are wedged in place. The
design stress distribution curve sepresents an envelope to
the various possible actual distributions. Since struts fail
in buckling, it is important that no single strut be over-
stressed. It is not permissible to say that il one strut is
overstressed and starts to fail, the overstress will simply
be- transferred to an adjacent strut. 17 one strut sven
starts to buekle, its load-carrylng capacity may drop o
almost nothing and then the whole bracing system will be
in jeopardy. Tigure 13.30 lllustrates the sudden rapid
collapse of a braced excavation as one strut buekles. The
use of an envelope to all possible stress distribution curves
ensures that each strut will be designed for the largest
load which might reach the strut. However, the sum totsl
of the loads in all struts will undoubtedly be less thaa
D64y HAE,

The two important points with regard to the design of a
bracing system are: () the uppermost struts” will be
subjected to loads much greater thin would be predicted
from the ordinary active stress distribution; and () struts
in compression are a brittle system tending to collapse as
soon A5 yielding begins, Limit design is not an approp-
riate procedure for 2 brittie system; in contrast, & gravity
retaining wall is & ductile system where large foundation
movemenis may occur without loss of foundation
strength.

13.4 ANCHORED BULKHEADS

As described and illustrated (Fig. 1.15) in Chapter |,
an anchored bulkhead receives its lateral support from
penetration into the foundation soil and from an anchor-
ing system near the top of the wall. The shest piling must
be designed for the shears and hending moments which
thus develop. The anchor system must be desigaed 10
take the luteral forces required to suppert the wall.

Anchored bulkheads are oftzn used to form wharyes
or guays, since tlie soft soils that usually underlie such
water{ront structures are unablz to support the weight of
massive gravity walls end sinez the use of anchored bulk-
heads is generally cheaper than supporting a gravity
retaining wall an piles. The design and analysis of
anchored bulkheads is a rather complicated subject.

The distribution of stresses [rom the backfill will depend
strongly on the manner {n which the wall |5 constructed.
Tschebotarioff (1951) has supgested that we must dis-
tinguish among the three cases shown in Fig. 13.3]

1. IFbackfill i1s placed after the bulkhead is constructed.
the strasses apainst the bulkhead down Lo the point
of embedment will increase linearly with depth in
accordance with the classical theories of uctive
siress.

¥ The upper stous can recoive preater [oads at partinl excavation
tham at full excavation,
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(al b} Ie)
Fiz 1331 Helation between tonstruction procedure and

siress distribution-against anchored bulkhzad, (u) Back(illing,
is) Dredgmg with normal vield of anchor. (el Dredging with
unyielding snchor.

2. If the bulkhead is driven into lzvel ground, oneside
of which is then excavated, the stresses will be inore
or less uniform with depth—unless the anchar fs
unusually stifl,

3. If the anchor is unusuglly sull, the stress distribution
will be similar to that upon & bracipg system, This
situation might arise (fa very heavy member 15 used
for the anthor rod, or if a short rod is uttached to a
very massive anchor.

Furthermore, the magnitude ol the maaimum bending
moment in the piling 1s influenced greatly by the distribu-
tion of stresses against that part of the piling which is
embedded, and the stress conditions (0 this 2zone are quite
complex. This effect cannot be predicted on the basis of
simple theory, although the complex theories of Hansen
are useful. Usually, experimental data plus field zxper:
ience areused osa basis for design. Tschehotariofl (1951)
and Rowe (1952) have presented such methods of design.

Often & deadman anchor (Fig, 1.15) 15 used Lo supporl
the enchor rod. The design of such an anchor involves
an interesting problem In the evaluation of passive
resistance.

13.9 STABILITY OF SLOPES

There are many situations 1 which an carth mass need
not be retzined by a structure but left as an unretained
slape. The inclination of the slope must be fiat enough
andfor the height low enough for the carth mass to be
stable. The same principles of limiting equilibrium
mechanics are used to evaluete the swability of an un-
retained earth muss us For & retiained earth mass,

Parts (o) and (b) of Fig. 1532 show twa typical pro-
czsses by which a slope is formed in a granular soil® In
(@) an €nbatkment is being formed by end dumping
fromatruck: in (h) ore arsand orsome other stockpiled
material s dropped [rom a chute or [rom the end 0F 4

conveyor belt, In both of these situations, the material

will tumble dowsn the slope: Feam time 1o time during

¥ A slope an alo be formed by excavation, as done far a canal
isee, 2ip, Fip 114)
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fud)

Fig. 13.32 Infinite slope problems. (4) Formation of siope by dumping. {8) Forma-

Hon of ore pile. (<] Tipping experiment as sliding starts. (d) Tipping experiment

alier ahding_

dumping, materal which has already come 1o rest on the
slope will start moving again; ie., u mass of material,
with a thickness small compared to the height of the
slope, will slide down Lhe slope. The inclination of the
siope once dumping has ceased—tlie muximum slope ar
which the material is stable—is called the angie of repose.

The behavior during the tipping experimant depicted in
parts () and (d} of Fig. 13.32 is similar. As the angle of
tipping is gradually increased, individual particles will
starl to tumble down the slope. Finally, as the angle is
increased further, a mass of materal will slide asn whale,
as indicated in Fig. 13.32¢. Once sliding ceases, the slopz
will have an ayverage inclination roughly equal to the
angle of repose for this same sand if dumped.

In all of these situations, the thickiess of the unstable
moving material is small compared to the height of the
slope. In such situations, the slope is called an imfinire
siape. The failure surface is parallel to the slape

Analysis of Free Hady

In arder to analyze the stability of this slope, we “cut™
i free body element of soil from the slepe, as shown in
Fig 13.33. We assume that the slape is very wide in the

.

direction normal to the cross-section, and considar anly
the stresses thatact in the plane of the eross-section.

In general, there will be stresses on three sides of this
free body, as indicated in Fig. 13.33a. However, with an
infinite slope it 1s reasonable to assume that the stresses
on the two vertical faces are equal and exactly balance
each other, 17 this were not true, the siresses on vertjcal
faces would change depending on the location along the
slope, and such a situation would be incensistent with
the observition that a thin veneer of the whole slope
moves as a mass, Thus only the stresses an the face €8,
fogether with the weight of the soil, enter into the equilib-
rium of the free body.

Part (b) of this figure analyzes the equilibrium of the
free body in terms of the total forces T and N acting-on
the face CD, The result is; when full shear resistanice is
mobilized and sliding begins, the angle of inclination of
the slope should equal the angle of internal friction,
Aceording to this analysis, silding is equally likely ta
bepin al any depth; ie, the depth of the free bhody
completely cancels out of the result.

Example 13,14 llustrates the compulation-of the strasses
that exist berizath an infinite slope at the angle of repose.




Far infinite slope
= g
TI= T

Fig. 1333 Analysis of infinite slope. (a] Stresses upon
clement af sml (b} Analvsis of equilibrinm;

W = ady
W = Tsmi —MNcosi =0
Teosi — Nsinl =0

N = Weosi
T = Wsini
ST = Ntani

If the full shear resistance |5 mobilized so thot T = N 1an &,
then { = 4.

Note that the vertical stress is not simply equal 1o the
depth multipbied by the unit weight

Choice of Friction Angle

The slope angle at which sliding commences in the
tipping experiment 15 related to the peak friction angle 4%
Thus the maximum stable slope angle is Tundamentally
related 10 the peak friction zngle. However, we know
Lhat ¢ is very much a functon of the void ratio at which
the sand exists,

Whenever sand or gravel is dumped the sand generally
finds itsell in a loose state. For the loose state, & essen-
tially equals ¢, Thus, the angle of repose for dumped
sand or grasel is about equal to the angle of internal
Iriction for the loose state, ¢,,. Typical ungles of repose,

® This statement is based on an extrapofation of the resulis given
by Sead and Goodman (1964), In model tests, the small eohesion
intercept of a dry soil hes some influence on clope stability and
determines the nctual depth of sliding,
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together with the tangents of these angles, have already
been listed in Table 11.3,

On the other hand, slopes steeper than the angle of
repose can exist in o stable condition, In modern rock
fill dams, the fill is carelully compacted ns it is dumped
in thin fayers so as to bring the fll into a dense condition,
Hence the friction angle available to resist sliding is
greater than the angle of repose.

Safety Facior

The safety factor for an infinite slope usually is defined
as

iy — 120 q§

fan i
The only unknown factor in the stability of an infinite
slope is the appropriate value Tor the angle of internal
friction. This quantity can be estimated with rezsonable
accuracy and, furthermore, the consequences of failure
of such a slope are slight. Hence the safety lactor does
not need to be large. Usually an engineer will be con-
servative in s chowce of & = ¢,,, and will usé FS§ = 1.

13.10 SUMMARY OF MAIN POINTS

The main ohjectives of this chapter have been te
tlfustrate the methods used 10 caleulats active thrust and
passive resistance and to illustrate how these ealoulated
forces are used in the design of typical retaining strue-
tures. The details of the methods are important, and the
student should be competent to carry out an antlysis of
simple prablems by the trial wedge methed, Inaddition,
the following concents shauld bhe undersiood,

1. Limit design can be used for the design of most
gravity retaining walls, The sctive thrust from the
backfill is evalunted assuming that full shear resist-
ance 15 mobilized within the backfll. Resistance is
then provided (with an appropriate margin of
safety} against the overturning and sliding caused
by the active thrust,

. Compression bracing for excavations should not in
ger.zral be proportioned by limit design, since such
bracing s 4 bricle system which will fail as soon
5 any portion becomes overstressed.

3. Other types ol retaining structures must be studied
carzlully to learn how much and what types of
movements may occur, and only then should the
forces acling on the retgining structures be evalu-
ated.

4. The maximum slope angle in @ granular soil is equal
to the friction angle of the soil.

(]

PROBLEMS

13.1 A sand backfill has y = 110 pef, & = 30°, and
Ky =05 Censtroet a p-g dizgram showing the X~ and
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» Example 13.14

Given. A 30" slope in a sand having ¢ = ¢, = 30°. The unit weight is 100 pef,

Find, The stresses at a depth of 1011,

Satation,  Relerring to Fig. 13.33, the stresses on the failure plane CO are

Gr =

N
. = pd costi = 750 pst

aftos |
= ydan rcosy = 433 psf
The Mohr circle for this condition is sliown in Fig. E13.14, «
1500 - !
-]
L00a . j ) -
%, g f 1 1A 0 A A T
L L/ {J' LA ]| | '
500 ot Tt
e
- [ 13 | |
I_,#-_ I i il o -:
okl f| I R 'I
=3 500+ 1000 ———1500 1 L 2600 1 | 2500
[ e | ) o
NI i
AT
—500 N i
i 16 {1
1
| [y = 1250 ps! TN -
- 1400 N IV
Fig. E13.14

Ke-linas, and e stiess paths for an element of sml at 10N
deptly for:

a. Stressing to the active condition,

b. Stressing to the passive condition.
Assume that there is zero shear stress on vertical planes.

13.2 From the resulls for Problem 131, whal are the
hnrizonial stresses for the active and passive zanditions?
How do these siresses compare wilhi the avcragc aclive
(Example 13.2} and passive (Example 13.6, rgﬂurmg sur-
charpe) stresses for o wall 20 ft high?

13.3 Design & pravity retnining wall, 15 ft high, 1o retain a
backfill with = 105 pcland ¢ = 40° and having a horizontal
surface. Assume that ¢, = 307 and that the coeMcient of
[riction on the base of the wall is 0.5, MNeplect passive resisl-
ance at the toe, and make the resultant forcs fall within the
middle third of the base.

13.4 Draw the Mohr circles for the active and passive
condillans of Problem 13.1.

13.5 Relerring 1o Example 13.5, construct the force
polygen [or @ = 65°

13.6 Referring te Example 137, construet the foree
polygans lor 0 = 25° and 357,

13.7 Referring to Example 13.8, construct the force
polygon for 0 = §5°,

13.8  Evaluate the adequacy of the wall in Example 13.12,
assuming g, = 0

139 A wall, which supports a horizontal backfill with

= 110peland ¢ = 35° i5 to be used to provide a reaction
for & Merizental load of 10,000 1b per ft of wall, I7 the wall
is 10 have a salety factor of 2 against failure, how high must
the wall be? At what depth below the fop of the wall stiouid
the load be placed ?

13.10 A braced eur, holding back soil with 3 = 103 pel
and ¢ = 30% is 20 [thigh. Struts, on 6 [t centers horizontally,
arc located at depthe ol 2ft, 8 {1, 14 [t, and 20 fz. Compute
the strut loads.

1311 Repeat Problem 13,3 for a case where the buckfill is
sloped at | vertical on 3 horizontal.

1312 Repeat Problem 13,3 for a case where the backhll
carries a surcharge of 400 psf.

1303 A sand having ¢ = 35" is sloped at 35°. Find the
normal and shenr stresses on horizontal and vertical planes at
a depth of 151t (measured vertically) beneath the slope. Are
either of these planes failure planes?

13,14 What should the design slope be for the sand whose
friction angle behavior is given in Fig. 10,18, i the sand is lo
be poarly compagted




CHAPTER 14

~ Shallow Foundations

14.1 GENERAL BEHAVIOR OF SHALLOW
FOUNDATIONS

As deseribed in Chapter 1, the term “shallow founda-
tion™ refers to a structure that is supported by the soil
lying immediately beneath the structure /Individual
Joormes, usually rectangular in plan view, dre the most
common shallow foundations for columns, whereas sirip
Juotings are used to support walls. In some instances
structures arc supported by mare

The design of foundations is 4 trial-and-errar proce-
dure. A type of foundation and trial dimensions are
sclected. Analyses are then made to ascertain the ade-
quaey of the proposed foundation. The foundation may
be found to be adequale, in which case & check should be
made to determine whether & chéaper foundation might
also be adequate. 1f the proposed foundation is found
to be inadequate, a larger foundaton is considered. In
some cases it may be impossible 1o desipn an adequare
shallow foundation upon the given soil, in which case
either deep foundatans (Chapter 33) or improvement of
soil (Chapter 34) must be considered.

The selection of a trial foundation and trial dimensions
is often guided by tables of allowable bearing stresses.
Mest bullding codes contain such tables, based upon
general experience with soils in the area to which the code
applies. These allowable stresses usually lead to con-
servative dasigns (or low buildings supported on spread
footings, but they may lead to unconservative designs for
unusual or large structures. In many cases a careful
study will show thatl bearing stressss larger than these
given by codes can be safely used.

This chapier discusses the*‘adequacy™ of a foundation,
The same general principles that apply to the analysis of
settlement and stability of shallow faundations for strue-
tures also apply to embenkments &nd dams on soft
foundations, For & discussion of the many practical
details and economicconsiderations involved In the design
of & foundation the reatier is referred to Teng (1962) and

LS, Navy {1962), and for a discussion of foundation
econstruction 1o Carson (1963).

This chapter does not consider shallow Toundations
subjected 1¢ dynamic loads; they are treated in Chopter
15,

Behovior of Footing on Elastoplastic Matcrial

To help understand the general behavior of shallow
foundations, consider the situation shown in Fig. 14.1,
where a stress morement &g, 15 applied to the surfice of
wr jdealized material? This materal is assumed 1o be
elastie until the maxinum shiear stress =, .- reschos the
vitlue ¢, Onece this condition s reached, lurther shear
distortion can accur nl constant shear stress.  This
material is assumed Lo he perfeetly elastic with regard (o
volume change,

As Ay, s increased the whale body first behaves clas-
tically, #n the siresses and settlements can be predicted

2651 P _
j2t| 72t
: FTETT) o
8% Stress-strain
E 'g curve in iriaxial
T compression | B=3000p =
EY : = I ?5 l.:f
55 265 It
o e
§ = 2e ]
(-]
=
™ Y

Fig. 141 Uniformi-strip [oad on hypothetical clasmplust:c
material,

 Tha results presented here were caleulaled witly a digital computer
using & finits difference technique (Whitman and Hoeg, 1966}
The procedure hos been extended (o incorporaie other siress-strain
relations which are more simidar to those of actua| soils (Chrigtian,
1966). MNote that Ay, or g, as uied In this chapter denotes applicd
surface slress and mot (0, — @, W2,
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3 Fip. 14,3 Failure zongs under faniing

using elastic theory, as discussed in Chapter 8. As long
45 Toue < € al 2l puints, the settlement is proportional
to Ag,. For any value of Ag,, the larpest value of =,
nceurs along the eenter line &t a depth reughly equal to
one-half of the width of the louded area. When by, =
4.52 s, 7 = © at ths enitical pomnt, and this point
yizlds.  However, nothing catastrophic opeurs at this
stage because this yielded point is Tully surrounded by
material which can carry additional stress. A further
increass in Ag, causes caniained plastie flaw of the yieldzd
peint and additional elustie deformation of the surround-
ing points. Gradually the surrounding points also yicld
and the plastic zone grows.

Figure 14.2 shows foad-settlement curve and the growth
of the plastic zone. (Strictly speaking this should be
called o “'Airess-satrlement curve', but we shall use the
common phrase here.) Shortly after yiclding hirst begins,
the load-sertlement curve steepens (point A). This condj-
tion it called a foral shear fulfyre, The loud-settlement
curve steepens gradually until the plasiic zone spreads
beyond the loaded area (point €). QOnee this happens,
the settlement increases rapidly and, finglly, a condition
is reached where it is not possible to increase Ag, without
very large settlement. This ocours at Ag, = 9.01sf. The
condition at this stage is culled a pendgral shear failure,
and the value of Ag, at this condition is called the
ultimate bearing capacity.

The arrows in Fig. 14.25 show the direction and rela-
tive magnitude of the motions of various points during
the application of a small increment ef load. During the
clastic portion of the loading, points on the surface out-
side the loaded aren move downward and toward the
load. However, once yielding ocours these points begin
to move upward and oulward, The inset [or the ullimate

loud shews the flow of suil Trom under the load, thence
sideways and upwards. As would be expected, thess
matinns fire greatest within the zone that has yielded.

RBehavior of Footings on Actunl Sails

Figure 143 shows the pattern of motien ot failure
within a stack of rods loaded by a rigid punch, As dig-
cussed in Chapler 13, piclures such as this provide the
basis for understanding the development af failure in
granular soils. Note hew the “soil” 15 pushed out from
beneath the “looting™ and the surface of the surrounding
soil heaves, The pattern of motion is quite similar to that
computed for the hypaothetical material, as shown in
Fig. 1424

Figure 14.4 shows lond-sertlement curves chserved
during tests of circuldr plates from 2 to 8an. in diametet
resting on @ dry sand. The eurve for a medium dense
sund (Fig. 14.4%) is very similar to that in Fig. 14.2 for
the hypothetical material, There 5 a well-defined break-
point or “knee” in the curve carrésponding to 4 local
shear failure. Beyond this point the curve becomes
steeper and erratic until a general shear failure occurs.
This actual load-settlement curve shows a gradually
increasing resistance even after the general shear Tailure.
As the footing penetrates, the soil above the base of the
[oating acts as & surcharge and increases the shear
resistance of the soil

Fur very loose sands the shear zones at the sides of the
footing never become well-defined and little if any surfuce
heave oceurs, This behavior, which issimply an extreme
tase of the Behavior dzscribed in the preceding para-
graph, is termed a punching faifure.

A footing on o very dense sand shows a somewhat
dilferent behavior, Here the load causing gencrul shear
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Load:
Local shear failure
-'é General shear failure -
E i
s
i
Load
g 2
=
=X
o
Load
E \
: .\
=
]

Fig. 14.4  Load-seftlemeont curves and shear zones observed during mode
tesls on sand. (o) Dense sand. (5 Medium densesand. (1) Very loose

cand. (Alier Vesic, 1963.)

failure is only slightly grester than the laad causing local
shear fallure. Very sharply defined fallure surfaces
develop. Following the general shear {ailure, the resist-
ance decreases because of the loss of interlocking resist-

ance past the peak of the steess-strain curve [br a dense

sand. Although not shown, the resistance will eventually
increase again because of the surcharge effect that
develops once the footing has penetrated to considerable
depth.

The behavior of actual foundations on natural soils
appears lo be similar to that observed in these small-scale
tests, although there have boen very few well-documented
tatal failures of foundations resting on sand. .

Design Criteria

The basie criterion governing the design of foundations
is that the settlement must not exceed some permissible
value. This value will vary Trom structure to structure,
as discussed in Section 14.2. In order to ensure that this
basic criterion is met, an enpineer must make two con-
siderations. First, lor any [oundation there is some value
of the applied stress at which the settlements start to
become very large and dificdlt to predict. This load is
called the bearing capacity. The faundation must be

designed so that the actunl bearing stress is less than the
bearing capacity, with an appropriate margin of safety
Lo cover uncertainiies in the estimate of both the bearing
stress and the bearing capacity, The meaning of the
terms “very large settiements™ and “‘difficult 1o predict”
involves judgment on the part of theengineer. Generally,
the bearing capacity is taken as the bearing stress causing
local shear failure; ie., the stress eorresponding Lo the
“kuee" of Lhe stress-settlement curve. Tna few problems,
an engincer may feel that a larger load better fits the
definition of bearing capacity. Clearly, however, the
load that causes & peneral shear failure (i e., the ultimate
bearing capacity) is an upper limit for the bearing
capacity.

Second, afler determining the bearing capacity and
ensuring that the bearing capacity exceeds the expected
applied bearing stress with an adequate margin of safety,
an engineer must estimate the settlement that will oceur
under the expected load and compare this estimated
settlemeril with the permissible value '

Thus the three key steps in evaluating foundation
design are:

I. Selection of the required factor of safety against a
shear [ailure and the permissible settlement.
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Fig 14.5 Relatianship between bearing stresses and bearing
capacities,

2. Determination of the bearing capacity and the actual
factor of safety under the expected load,

3. Estimation of the settlement and comparison with
the permissibie settiemeant.

In the foregoing discussion, the terms “beating capac-
jry™ and “bearing stress” have been used in several
different senses. The meaning of each af the various
tarms i summarized belew and in Fig. 14,5

Bearing stresy Ag,.  This is the stress actually applied
to the soil. In mn actual foundetion Ag, must be no
greater Lhan the:

Allewable bearing sfress (Ag,),. The allowable bedring
stress i selected ofter consideration -of safety against
instability, permissible settlement, and economy. Often
{Ag,), is obtained by dividing a safcty factor Finta the:

e [~ S—
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Bearing capaciiy (Aq,),. The bearing stress at which
settlements begin to become very large and unpredictable
because of 2 shear failure is the bearing capacity. Usually,
(Ag,), is taken equal 1o the:

Bearing stresy cansing lacal shear fuiture (3g,),.  This
is the bearing stress ul which the first mujor nonlinearity
appears in the stress-settlement curve. 16 some carefully
analyzed problems (Ag,), may excced (Ag,);; However,
in any ease (Ag,), must not exceed the:

Ultimate bearing capucily (Ag).. The ultimate bear-
ing capacity is the bearing stress which causes a sudden
catastrophic settlement of the foundation.

There are many problems in which (&g, must be less
than (Ag)s, OWINg to limitations upon settlement.

142 ALLOWABLE SETTLEMENT

Settlement can be impartant, even though no rupture is
imminent, for three reasons: appezrance of the structure;
utility of the structure; and damape to the structure

Settlement can detract Nram the appearance of o build-
ing by czusing cracks in exterior masonry walls andfor
the interior plaster walls. It ean also cause a structure
to tilt enough for the tilt to he detected by the human
eye.

Settlernent can mierfere with the function of a structure
in anumber of ways, e, cranes and other such equip-
mant may nat aperale correctly; pumps, compressars;
eic., may get out of line; and tracking units such as radar
becoms ina2ccurate.

Settlement can cause a structure 1o fail structurally and
callapse even though the fuctor of safety against a shear
failure in the foundation is high.

Some of the viirious types of sertlement are itlusteated
in Fig. 140 Figure 14.60 shows imiforn: seitfement, A
building with a very rigid structural mat underpoes
unifarm settlement: Figure 14.6b shows a uniferm iz,
where the entire structure rotales. Figure 1460 shows
i very comman kitintion of nomaiforsr settlement,

L

AD= Amax — Pmin

Angular distortion = %ﬂ - g

‘{a)

ap= Peraz = Prun

Angular distonion = Erz --%

fe}

Fig 146 Types of settlement. (4) Uniform settlement. (5 Tilt {¢) Monuniform settlemant.
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Table 14.1 Allowable Settlemunt
Maximum
Type of Maovemeni Limiting Factor Settlement
Total settlement Dramage 612 im.
Mecess 12-24 in.
Probubility of nonunifarm settlement !
Masonry walled structure 1-2in:
Framed structures 24 1.
Smokestacks, silos, mats 3-12in,
Tilring Stability against overturning Depends on
height and width
Tilting of smokestacks, lowers 0.004!
Ralling of trucks, et 0,01/
Stacking of goods nou
Machine operation-collon loom 0.003/
Machine aperation-turbogensrator {.0002/
Crane ratls 0.003!
Dirainage of floors 0.01-1.02/
Differential movement High continupus brick walls 0.0005-0.0017
One-story brick mill building, wall 0.001-0.002/
cracking
Plaster eracking (gypsum) 0.0014
Reinforced-concrete building frame 0.0025-0.0047
Reinforced-concrete building curtain 0.003¢
walls
Steel frame, conlinuous 0.0021
Simple steel frame 0.005¢

From Sowers. 1962,

Nate. | = distance between adjacent columns that seltle differznt amounts, or betwesn any
two points that seitle differently. Higher values are for regular settlements and mare tolerant
structures. Lower values are for (rregular setllements and ¢ritical structures.

“dihing.”  Menuwmlform settlement can resull from:
(@) uniform stress acting upon a hemogencous soil; or
(A1 nonuniform bearing stress; or (¢) nonhamaogeneous
subsoil condilions.

As shown in Fig 146, p,,, denotes the mpximum
settiement und p,,., denotes the minimum settlement.
The differentiz| setilement Ap between two points is the
larper settlement minus the smaller.  Differential settle-
menl is also characterized by engular distortion 81, which
is the differential settlement between two points divided
by the horizontal distance between them.

The amount ol settlement a Structurs can tolerate—
the allowable seftlement or permissible  settlement—-
depends on many factors including the type, size,
location, and intended use of the structure, and Lthe
pattern, rate, cause, and source of sett|ement, Table 14.]
pives one indication of allowable settlements. Tt rght
seem that the engineer desipning a fonndation would have
the permissible setllement specified for him by the
enpineer wlo designed the structure. However, this g

seldom the case and the foundation engineer [reguently
linds himsell “in the middle” between the struetural
engineer who wants no scitlement and the client who
wanis an economical foundation. Thus a foundation
engineer must understand allowable settlel ents,

In the following paragraphs some of the salient aspsets
of allowable settlement are discussed and illustrated.
The lust portion of this section presents generil puides
for estimating the allowable settlement for a particular
situation.

Total Settlement

Generally the magnitude of total settlement is not a
critical Tactor bul primarily a question of canvenience.
Il the total settlement of a structure exceeds 6 to 12 in.
there can be trouble wilh pipes (for gas, water, or
sewage] connected to the structure, Connetlions can,
however, be designed for structure settlement. Figure .3
shows a classic example of a building that has undergone
large setilements and yet remained in service. However,
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Fig. 14.7 The Leaning Tower of Pisa. (o) From 1964 ASCE
Seltlemant Conlerence. (0)-and (¢) From Terractna, 1963,

there are situations where larpe toial settlements can
caust seric s problems; e, o tank dn <oft Clay nedr o
waterlront it settle below water level,

Tilt

The classic case of tilt is the Leaning Tower of Pisa
(Fig 14.7)., Az can be seen from the time-settleament
curve, the north side of the tower has settled a little over
| m, whereas the south side has setticd nearly 3 m, piving
a differentiar settlement of 1.8 m. The ult cavses the
bearing stress to increase on the south side of the fawer,
thus aggravating the situation. This much tiltin a wll
building represents @ potentially unstable, dangerous
situgtion. Lnginezrs are now studying methods 1o
prevent further tilt (Terracing, 1962)
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Nonuniform Setiloment

The allownble ungulur distortion in buildings lns been
studied by theorstical analyses, by tests on lurge models
of structursl frames, and by field observations. Fipure
14.8 gives u compilution of results from such studies. An
extreme case is precision tracking radars where a tilt as
smoll s d)/ = 1/50,000 can destroy the vselulness of the
radar system.

A stezl tank for the storage af fluids is a particylarly
interesting structure. Most of the load |5 rom the stored
fluid, and owing to the flexibility of the tenk’s bottom the
betring stress hus o uniform distribution, The Dexilibity
dlso medns that tanks can tolerate largs differsplial
settlements without damage, ond owners of such tanks
are seldom conesrned by their appearanice. Yet there i3
amazing disagreement among engineers, bujlders, and
awners as to the dallowable settlement of such tanks. A
survey of this subject by Aldrch and Geldberg (un-
published) has revealed the following facts:

1. Tanks have seitled more than 60 in. and remained
in service

2. Tanks have failed structurally as the result of
seltlements as small as 7 in

3. Allowable setilements commonly used for the
design of tank foundations vary from 1 to 18 in.

The wide disparily of observed results and views as to
allowable settlements illustrates vividly the diffieulry
faced by » soil engineer in establishing an allowable
settlement. Although Table 14,1 and Fig, 14.8 give pood
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=— Limit whera tilting of high, rigid buildings might become vislble.
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Fig. L8 Limitingangular distoriions (From Bjerrum, 1963a),

general guidance that will suffice for routine jobs, cach
Inrge projeet must receive additional careful study

Relation of Total and Differential Scttlement

As stated previously, it usually is the differential settle-
ment (rather than the total settlement) that is of concern
in the designing of a l'oundation, Ontheother hand, it 15
much maore difficult to estimate differential seitlement
than it 1s to estimate the maxmiuonm settlement. This 15
because the magnitude of differentinl settlement is
allected greatly by the nonhomogeneity of natural soil
deposits, and also by the ability of structures to bridue
over soft spots In the loundalion, O a very important
job. it usually is worthwhile to make a very detailed sludy
of the subsoil to locale stronger and weaker zones, and 1o
invesligate comprehiensively the relation between founda-
tion movements and forces i the structures. On a less
important job, it may sufliee 1o use an enpirical refation-
ship between total settlement and (ilerential settlement,
and 1o stale the design criterion in tlerms of an allowable
totul seltlement.

Figure 149 presents results Trom aclual buildings
resting on granular soils. Parnt (o) gives observed values
of angular distortion &ff versus maximum differential
settlement. Whereas 6// s determined by the differential
settlement between adjacent columns, the maximum
differential settlement may well be between two columns
which are fer apart. The curve drawn on the figure gives
the average for the ohserved points. Part (F) shaws the
relationship between maximun diflferentinl | setilement

and maximum settlement. The line drawn as an upper
envelope indicates that the maximum  differeptial
settlement can be equal to the maximum settlement; fe.,
there may well be one column which has almest no
settiement.  Generally, the maximum differential settle-
ment is less than the maximum settiement ®

The use of these relationships is illustraled in Example
14.1. From the nature of the building a permissible 8/ is

> Example 14.1

Gren. A vone-story seinforced. concrete building with
brick curtain walls,

Find. Allowahle total settlernent which will ensure no
cracking of the brick walls.

Salwdion.  From Fig_ 14.8, magimium &/l = 1/500 = 0:002.

Table 14.1 would glve 0.003, Use §/i =0.002,

From Fig. 14.97, maximum allowable differential sotilement
is 2.5 cm.

From Fig. 14.95, using the upper bound, the allowable tatal
settlement is #iso 2,5 cmor 1 . . |

chesen. Then the curves are used to find first the max;-
mum differential séttlement and then the maximum
permissible tolal settleruent. The settlzinent as predicted
by the methods discussed in Sections 14.8 through [4.10
should then be less than this allowable setllement. An
allowable total settlement of | in. 15 a typical specilication
for commercial buildings.

= Maximum differentinl settlernent preater than maxmum Loisl
setllement can result when one portlon of the structure heaves

while grothor seltlss, This situalion 5 nol uneommon in fanks
o ganid.
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14.3 ULTIMATE BEARING CAPACITY
OF STRIP FOOTINGS

As 1 first step in eur study of methods for establishing
the bearing capacity of foundations, we shall study the
ultimate beering capacity {Aqg.), of a footing which s
very long compared to fts width. This type of footing
oceurs under retaining walls and under building walls,
Methods have been develaped for predicting the ultimate
bearing capacity of such foalings. Suhscquent scetions
will discuss how the theorctical results are modified by
Jjudgment and experiznee te aceount for the effects of local
shear fatlure and [or different shapes of foatings.

A typical strip focting is depicted n Fig. 14.10.
Because the footing is very long in comparison o its
width, ‘the problem is one of plane straing e, the
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problem 1§ two-dimensional, There are several reasons
why the footing is gencrally loented below ground
surface rathier than at the very surface: (a) 1o avoid
having 1o raise the first-floor level well above ground
surfaee; () to permit removal of the surface luyer of
arganic soll; (c) to gain the additional bearing capacity
that comes from partizl embedment (see later portions of
this section), and (d) to place the footing helow the zone
of soil which experiences volume changes because of frost
action or ather seasonal effecis. In Boston, for example,
the building code requires that exterior footings be 4 1t
or deeper helow ground surface.

For purposes of analys:s, the actual situation shown
in Fig: 14.10a is usually replaced by the situation shown
in Fig, 141005 the soll above the base of the footing is
replaced by a uniform surcharge of intensily g, = 34,
where

¥ = the umt weight of thesoll
i = the depth of the base of the footing below
graund surluce

The effect of the weight of the soil ubove the fouting base
is thus taken into consideration, but the shear resistance
of this soil is negleeted. The accuracy of this approxi-
mation will be discussed [aler i this section,

Solution Baseidl on Rankine Wedges

We shall begin with an analysis which is mueh too
approaimate for practical use, but which jllustrates in a
simple way the [uctors that must be cansidered in s mars
accurate analysis, 1t is assumed that the failure zone is
made up of two separate wedges, as shown in Fig 14.11:
a Rankine active wedge 1, which is pushed downward and
outward, and 2 Rankine passive wedge I1, which is pushed
outwird and upward, There are correspanding patierns
of motion on the ather side of the center line.

The analysis begins with consideration of wedge |1,
Using Eq. 13.9, we can write an expression for the
maxinum thrast /* (ie, passive thrust] which can be
applied to this wedge along the vertical face A (note

Ne=K,). Equation 14.1 includes the resistance result-

ing lrom friction-and surcharge. This thrust £ s also the
maximum thrust available to hold the active wedge | in
equilibrium under the application of the tosding 0, /8.
The value of this loading may therelore be found by
using Eq. 13.7 lor the active thrust.

Equation 14.3 may be wrilten in the form?

_Gi‘-lﬂ == 'aqqill =

w3
i 2

— N, + 0.V, (14 4)

where N, and NV, are dimensionless factors that depend
only on the friction angle of the soil. Based on this

3 The reasen ok wriling 82 s garely Listoeical;, Le., ihis js the
wiy [ wag first writien.
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Fig. 14.10  Shallow strip [ooting under a vertical load. (a) Actual situation. () Assumed
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Fig. 14.11 Derivation ol bearing capacily based on Rankine wedges.

Maxiuwm force P thar can be applied o padsive wedpe 1T
From Eq 13,9

P =yHN, + 474N,
P=quz N7 + 18NS (4.1},
Muaximunt surchurge Q (B thar con be uppfr'w.l' o aciive

wedee |
Fraom Eq. 13.7:

Q. 1
e S0 L
2 N, b o ‘
?.".‘.'=£N — bl

Q;“ = gV + BN - LeENER (14D)
B =
% - }'4' (Ng/ — NP} + gl €43)




solution involving Rankine wedges, N, and N, have the
values
N, = §(NG* — N3*)

i § |4.5
Ny= Ny = K7 ( )
where
Nymk, = LS
1 —sin ¢ ,

Thus, according to Eq. 14.4, the ultimate bearing
capacity of a strip fooling can be written as the sum of
(he iwo terms. The fisst term depends on the unit weight
af the soil and the width of the footing. The second term
depends on the surcharge, By, introducing the relation
between the depth of embedment and the surcharge (Fig.
14.10),

B
@B“" = (B0, =L N, +pdN,  (148)

The dimensionless factors N, and N, are called bearing
capacity factors and depend anly on .

The use of the foregoing resuls is illusirated by
Examples 14,2 10 14.4, As mentioned carlicr, the results
obtained using the Rankine wedges are 1oo approximate
(too Jow) for use in practice, but the results do serve o
illustrate the following important points winch are also
true of the more accurate solutions:

1. An importan: increasc in ultimate bearing capacity
comes about as the result of partial embedment.

2. There is # sharp increase in bearing capacity as the
friction angle increases. The footing load, which of
course causes the stresses that shear the soil, also
eauses normal stresses which act Lo increase the
shear resistance, Figure 14,12 shows stress paths
for points at mid-depth within the passive and active
zones, assuming Lhat nitially the stresses are geo-

- slatie with &, = 1.* The stress path or the point
under the footing rises at a slope less than 457
With increasing friction angle for the soil, o larger
and larger feoting load is reguired Lo make the
stress path “catch up” with the fajlure line

Note also that the bearing capacity of & footing on sand
would be zero il the soil were weightless,

Other Solutions

There are two basic shortcomings to the lorsgoing
splution based on simple Rankine wedges, First, the
actual Teilure zone (see Fig [4.4) is bounded by curves
rather than by two straight surfaces. Second, the fore-
going solution has neglected the shear stresses which

“ In drawing the stress path for point R, we assume that the foree
Pincreases unlformly as the losd js apphed. The actual variation of
P with lond is discussed in Section 14.4, and actual siress paths for
point K are curved rather than sirpight,

. d4 Shaflow Fauadations

r LExample 14.2

Given, Foolting shownon Fig. E14.2
LI
§=30"
=120 psl

Fig. E14.2
Ff‘”ﬂ‘. Qult'
Solution.
] +sin ¢
Ne = | —-sm 2

N, = 1(15.60 — 1.73) = 6.94
N,o=1 =14

Cun G494 )
=5 =), = (20)10) |~ | = 4160 sl

@,y = 41600 Ikt of wull

» Example 14.3

Ciuen,  Fuooling shown in Fig, E14.3,
H‘H‘-’I’. Quu.

Sofution

Q—;E = (Ag), =4160 + (120)(4)(5)

= 4|60 + 4320 = 8480 psl
Oy = 84,800 1)1t of wall

» Example 14.4
Givent,  Same a5 Example 14.3, bul with é = 40

101
& IO
o= 120 pel
Fig. El43
Fimd. Oy,
Soluiion.
Ny = 4.6
N, =1(458 = 2.15) = 21.6
N, =212
" e B
Q;" ={Ag), = nzmnm( = } + (12043212}

=12.560 + 10,180
= 25,100 psf
Oy = 231,000 101t of wall

205
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Slress path
fot paint R

Stress path
for polnl 8

Fig. 14,12 Stress paths at points below foundation.

must act upon the line 4 in Fig. 14.11. Because of the
secand shortcoming the solution grossly underestimates
the aclual bearing capacity,

Many different types of solutions have been made in &n
attempt to overcome sztisfactonly these shoricamings.
Trial wedge solutions have been mude using free bodies
bounded by various comblnations of straight lines,
circles, and logarithmic spirals (Hansen, 1966). Salutions
have been made by numerical integration of Kétier's
equation (Sokolovski, |965; Harr, 1966). Most of lliese
solutions invelve some degree of approximation and, as
discussed in Chapter 13, it still is not cizar just what is
meant by an exdct solution to a limitng equilibrium
problen invalving seil

The most commornly used solutior s that developed by
Terzaghi (1943). This solution assumes that Eq. 4.6
is applicable; ie., the resistance offered by the weight of
the soil and by the surcharge can be evaluated independ-
ently of each ather. This is not strictly true, since the
location of the theoretical fuilure surface is somewhar
different for euch combination of ¢, 3, and &g, How-
ever, it has been shown that this assumption leads (o a
conservative result—to an underestimate of the bearing
capacity. Having made this assumption, Terzaghi then
evaluated N, and IV, by the trial wedge method using
free bodies of the type shown in Fig. 14132, Values
applicable to a rough fooling, which is the typical case
encountered in practice, are plotted versus ¢ i Fig,
14.135. Values for smooth bases are also available.
Examples 14.5 1o 14.7 repeat the cariier examples, but

use Terzaghi's values of N, and N, and thereby obtain
mueh larger estimates Tor the bearing capacity.

Table 14.2 compares values of &, and N, as calculaled
by Terzaphi with average values deduced from small-
scale footing tests, There was considerable scatter in Lhe

el = == i O EERE=S
4 R I s N"'__‘ - iy
k=2 MNe "‘\._’\ i | !
T?:zn- bl § =4t Ny =250 ||
£ 0 NN b= 460, Ny = 780
= N |
1 - ¢
_ | NN
o | I (I
&0 S0 40 30 20 10l jo0 2 4 6 . EQ
Valuzs ol Neand Ny R 8 Vallias of Ny
L
(4]

Fig, 14.13  (2) Shapes of feilure suilaces for Terzaghi solu-
tign. () Bearing capacity factors according to Terzaghi
(for footing with rough base).



» Example 14.5

Repeat Example 142, waing Terzaphi's bearing eapacity
Tacrors
N, =120
(Ag.lu = (120)(10)(%%) = 12,000 pst «

p Example 14.0

Repeat Example 14.3, using Terzaghi's bearing capacity
factars

N, =122
(4g,), =12,000 + (120)(4)(22)
= 12,000 + 10,700 = 22,700 psf -
» Example 14.7 !

Repeat Example 144, using Terzaghi's bearing capacity
factors
Ny =130
Ne =80
(Bgy = (120)10)(*E?) + (120)(8)(80)
= T8,000 + 38,000 = |16.000 psl -

see Table 142

experimental dara. These results indicate that Terzaghi’s
factors are conservative with regard 10 the sverage
experimental results, espe: ially for large friction angles,
The value of ¢ a5 measurad in conventional triaxial tests
was used to deduce N, and N, from the fooring tests,
Since a strip footing 35 ‘2 situation in plane strain, 2
should have been assumed somewhart larger (see Section
1L4.), Assuming a larger ¢ would cause one to deduce
smaller valugs of NV, and N, mnorder to give the observed
bearing capaeity, and thus would fead te better agree-
ment between Terzaghi’s vslues and the experimental
values,

None of the ather solutions has given appreciably
better agreement between theoretica! and measured
bearing capacities, and hence the Terzaghi solution
continues Lo be wsed,

A TFurther Look at Effect of Embedment

Equation 14.6 may be rearranged (o read

Qux yB d N
= (Ag)a == N [1 $2==2
8 (Ag,) - ,( + BN’)

Examination of the results in Table 14.2 indicates that,
for g equal to 30°, the ratio N[N, is approximately equal

Table 14.2 Comparison of Theoretical and Actual Bear-
ing Capacilty Factors

Factar ¢ = 307 B = 4"
N —Terzaghi 22 80

cxperimental 23 400
N, —Terzaghi i 20 130

experimental 33 170-210
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to unity, although the value of the ratie may drop to 0,6
for denser sands. Several experimenters have reporied
values of from Q.7 1o 1.0 for this ratio. As an approxi-
mdtion, we can assign & value of unity o 1his ratio and
thus obtain the following approximalte eapression:

=By K
Bgd =% J‘-,(L +2”j (147)

Meyerhof (1951) has investigated the importancs of
the shear resistance of the soil lying abave the base of the
footing. For d < 8, hie found that the rules derived
above (bused on consideration anly of the weight of this
soil) were reasonably accurate. For deeper footings and
for friction piles, it is neesssary to take the resistance of
this soil inte account,

144 EFFECT OF LOCAL SHEAR FAILURE
ON BEARING CAPACITY

There is no strictly theoretical method for estimating
the load ‘at which loeul shear failure occurs. In this
section, we first examine the factors thit make local
shear filure more important in some seils than in others.
Then we present semiempirical methods for estimating
bearing capacity.

When the laad =quals the ultimate bearing capacity 4
general shear failure oceurs: the full shear resistance of
the 20il is mobilized all aleng 4 failure surfnce which
starts beneath the footing and extends to the surface of
the soil beyond the footing. As explained in Scctian 14.1,
at some smaller Joad there will be u lopn| shear failure, at
which time the shear resistance is reachied along only o
part of the ullimate failure surface. 1t was alse noted
that Jocal shear failure increases in imporlunce as g soil
becomes locser. Figure 14.14 indicates the range of
relative densities Jor which the several types of failure

Retalwe densily of sand I,

{ 05 10
? Local General
o3 shear
& "'\ shear
5 R
?. i \‘\ - \"'--..
3 - = .j Ciretllzr
3 === L Toundations
5 2 L}
E
s Punching |
= shear Long
= reclangular
b Toundalions
1!

Fig. 1414 Controlling type of failure as function of relutive
density and depth of embedment (From Vesic, 1963).
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determine the load at which the load-settlement curve
shows major yielding.

In order lo understand the relationship between
ultimale bearing capacity and the load causing local shear
failure, jt is necessary to consider: (a) the ratio of
horizontal 1o vertical stress before loading, 1 6., K,; and
(8] the way in which strains develop during loading,
Representation of the failure zone by two Rankine
wedpes (Fige 14.01) and of stress conditions by stress
paths for two typical points (Fig. 14.12) provides o
convenient basis for an approximate disoussion of these
two foctors.

Loose Sand

Point @ in Fig. 14.152 shows the stress conditions at
the twao typical points & and 5 before loading,

During the initial stage of loading, while the soil is
still more-or-less efastic, there is relutively little change
in g et point R (see, for example, paint C in Example
8.9). Thus during this early stage, the stress path for
point R rises essentially as in an ordinary triaxal test
(path GL m Fig: 14.15e) while the stresses at point S
remain essentially unchanged. This siluation continues.
until the stress path for point R reaches the failure ling,
at which time local shear failure occurs,

As the load is increased lurther, o, increases at both
points R and 8 The siress puth for point 5 is N in
Fig. 14.15a and loading conlinues until tlis stress path
reaches the failure line a1 N, at whicli time the ultimale
bearing capacily is reached. Meanwhile, the stress path
Tor point & runs along the failure line from L (o M.

The load causing local shear failure may be compuled
using, the derivation in Fig, 1411, The assumption that
oy, Temains constant during the early part of the foading
means that the horizontal force J on surlace 1 will be ¥
L iR, Using the cxpression immedintely preceding
Eg. 14.2, the load causing local shedr failure 15

t.'—"‘t,lrlj.l = pHK, Ny=1]

Dwiding by the comesponding expression for (Ag,),
oives
(8, _ Kby =1
['&qs‘-’n Nq‘!! -1

Using typictl values of Ky = 0.6 and N, = 3, the ratio is
0.1. While this analysis is too crude for practical use, it
shows clearly that in a loose sand local shear failure will
veeur at a lbad much smaller than the ultimate bearing
capacity.

During the early siage of lording, the soil immediately
bengath the Tooling strains much as 11 an ordinary
trinxial test starting from the K, condition. Since the
sand is loose, there is relatively little horizontal strain
when fajlure oceurs in such 2 tesl, Hence Lhere is very

{14.8)

% Far this dervation the surcliarge q, 15 taken as rero.

SP for

= /7 pontR

(=}

Fig. 1415 Effect of densily of sand on stress paths 1t two
points under [oundation. (a) Loose sand, (&) Dense sand.

litdde outward push against the loose sand in zone 11
(Fig. 14.13) and thus o, stays essentially consiant at
noints f and 8. CGnee local failure oceurs in zone 1, then
large horizontal straing oteur in zone T as the load is
increased farther and this oulward push causes shear
resistance 1o be developed in zone I1.

[Fense Sand

Figure 14.15b shows the corresponding stress pathe
far & dense sand, again assuming that the horizontal
siresses remain constant until local shear failure ocours
at point R, Using K, = 2'and N, = 4, the rativ in Eg.
14.8 15 0:47; this 1s much grealer than for a loose sand.

Actually the stress path for point R is more like
OL'L"M. Since 1l is dense, the sind within zone [ will
hegin 1o dilate hefore local shear failure can oceur. The
resulting horizontel strains cause an outward push
against zone 1, and since the sand is dense relatively
little push is pecessary to develop significant shear
resistance in zone 1[. Thus the ratio of (Ag,), ta (Ag,), is
greater than given by Eqg. 14.8.
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Combined Effect

These findings can be restated as follows. The soil
which supports 2 footing begins 1o yield (Ag.), when the
full shear resistance has besn mobilized directly under-
neath the footing, but does not reach the ultimate hearing
capacity {Ay,), unul full resistance is reached all niong
the boundary of the failure wedge For a dense sand,
[ull resist@nce Is mobilized almost simulianzovsly alang
all parts of the boundary. However, [or a loose sand
considerable Tooting movement is necessary befere full
resistance is reached along the outermost portions of the
bounddry. This difference occurs because of the differ-
ences in the initial stress condtions and compressibility
of loose and dense sands. An accurate analysis of the
development of lacal and general shear failures in loose
and dense sands 1s given by Christian (1966) using finite
difference technigues.

Empirical Solution for Bearing Capacity

Figure 14.16 gives factors &, and A, winch may be
used to eslimate bearing eapacity (Ag,), according to the
equation

\Ag), = %] N, + ydN, (14,109
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In this figure ¢ denstes the peak friction angle of the
soil, These [actors, which take into acconnt loeal shear,
were abtained as [ollows, For ¢ 2 38, the curves are
the same as for the ultimate bearing eapacity (Fig, 14:13).
For ¢ < 28%, the N, and N, are equal 1o the values in
Fig. 1413 a1 = tan' (§ tan ¢). Thus N, in Fig. 14.16
for ¢ = 28" equals A in Fig. 14.13 for ¢ = 19.5°. This
strictly empirical correction te account for loeal shear in
toose soils was suggested by Terzaghi from an analysis of
experimenial datn. For 28° < ¢ < 38°, smoclh transi-
tion curves were drawn.

145 FOOTING DESIGN

The bearing capacity results given in Sections 14.3 and
14.4 may be applied directly to the design of fmundatians
for walls, as illustrated 1n Example 14.8,

» Example 14.8

Giogri, A wall which is 711 wide at the base, and which
rests 3 fL below the surface of a sand with ¢ = 35° and 3 =
110 pof

Find,  Beanng capacity.

Selution.  From Fip. 14.16 we find

N=15
N, =134

Hence.

(Aguly® = MIIDTFES) + (1101 7)34)
= 94.(W)0 - 78,000
e 172,000 bt of wall

This wall and it supporting sail Bave the sante properties
as the wall and supporting soil in Exnmple 13,02, In that
example, the verlical campeonent of the force on the supperting
sl was 15,270 [/4 of wall, less thun one-tenth of the bearing
eapacily just computed. Siricily speaking. of course, one
slioutd check for the effects of melination and eceentricity of
the actual loading upon the base of a retniming wall (see
Section 14.7). However, wilh such a large fictor of salety
agninsl bcanrlg capacily latlure, and c:{_lns.]dermg thut the
resultant hies within the middle third of the buse and that the

wall checks [or resistance to sliding, most designers wauld
censider the wall of Examiple 1312 safe. -

In such foundation design’ problems, it usually is
necessary 1o rely upon the results of penetrilion t8sts lo
provide an estimiste of the friction angle (see Section
11.5). Figure 1416 can be vsed to relate blow count
direetly to bedring capacity factars. The fact that the
proper value of ¢ is usually uncertain whenever blow
count must he used is one reason why a rather liberal
lactor of safety (at leust 3) should bz used when checking
the bearing capacity of foundations, A small uncer-
tainty in ¢ causes a lurge uncertainty in the values for the
bearing capacily factors. For example, the bearing
capaeity (172,000 b/t of wall) in Example 14.8 would
only be 75,000 b/t il ¢ were reduced from 35° 10 32°.
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At this point the reader may well ask: Why did we
study all the theory and then revert to erude empirical
cquations with a large safety [actor? The reasons are
simple. The theory has served an indispensahle function.
it has indicated how the bearing capacity should vary
with such factors as the unit weight of soil and the width
of the foundation. Moareover, the theory has provided
numerical results for the ultimate bearing capacity.
However, the theory is inadequate to provide nceurate
nunierical values for the bearing capacity, laking into
account the effects of local shear. Data from model
tests and field experience must be used 1o fill this gap.
Such experience has been incorporated in Fig. 14,16
Used together with a liberal sefety factor, this approach
will provide a conservative answer for any practical
problem. If conservatism ‘must be avoided, then
alternative mathods, such as  lpading test on the site,
must be used to evaluate the bearing capacity. Since
such a load test can seldom be performed using & [ull-
scale foundation, theory must be used to extrapolate
from the actual loading test to the full-scale forndation
(see Example 14.9), )

» Exampie 14.9

Given. A plale bearing test shows a4 bearing capacily
failure st a hearing atress of 3.6 tons/N® The plate is [ 1
squarz and bears 31t below the ground surface. The umt
weight of the soil is estimated at 100 pef.

Find. Beating capacity for a [ooting 6 {l square, to be
founded 3 ft below ground surface. '

Solution. The first step is to find a value of ¢ whick will
satlsly Eg. 14.12:

000(3.6)psl = FOD0IINDTING + {H00](L2)N,

After several trials, it is found thar $=32.5" giving N, =16}
and N, =18}, satishes the equation. Now tiese values of N
and J¥, can be applied to the actual fecting:

(Sgy)y = $CO0)EN0.TIIEE) + 3(100K(1.2)(18L)
= 10,100 psf or 5.05 tsf L

146 ROUND AND RECTANGULAR FOOTINGS

Several very approximate theoretical analyses have
been made for the bearing capacity of round footings,
However, there are no theoretical analyses that give the
ultimate bearing capacity of square or rectangular foot-
ings, There have besn numerous mode] studies wimed at
evaluating the ultimate bearing capacity of round, square,
or rectangular footings but, unfortunately, the data from
these lests are often conflicting. Data for surface foot-
ings by Vesic (1963) are shown in Fig. 14,17,

Many equations have bzen proposed for use in estima-
ting the bearing capacity of round and rectengular
footings. All are based on theoreiical considerations

plus experimental data; and from the practical stand-
point the differences in the predictions are slight. The
following are recommended

Round footings:

&
(mi4)D?

= (8q,), = (0.6)}p DN, + p dN, (14.11)

where O is the diameter (Terzaghi, 1943).
Rectangular and square footings:

QI] B B.
— = ;- BN - — + il )
BEL (MI)D by r(l 3 [) :"1.""(14'0:2-)

{14:12)

where L is the length of the footing (Mansen, 1966),
The values of &, and N, are taken from Figs. 14.13 or
14.16 asappropriate. Example 1410 illustrates the use of
such equations,

» Exampie 14.10

Gwen. A foating 611 by 1211 15 10 be founded 4 11 below
the surface of & sand with ¢ = 40" and y = 115 pef.

Firad.  Bearing capacily,

Solution. Eguation 14.11 hecomes

{8g,)y = (0.85)}»BN, + (L.1)y aN,
Using either Fig. 14.13 or Fig. 14.16 we {ind
N, =120
N, =50
Consequently,
(BL)(8g)y = (6)(12)[E(0.85)(1 1 5)(6)(120)
+ (LAIMLIS K4 (90)]
= (72][36,000 -+ 45,000]
= 5.830,000 lb =2,910 1ons 4

Figure 14.17 compares resulls predicted using Uhese
equations with faflure leads obsorved in model tests.
Mote that there is considerable scatler in the experi-
mental results. Except lor dense sand with very large
friction angles the equations adequately ‘predict the
general shear lailures. Use of Fig, 14.16 overestimates
the loads at which local shear Tailure occurs, primatily
hecause this sand has a very high friction angle for a
given relative density. The need for alarge safety factor
when using these equations is ¢lear,

14.7 BEARING CAPACITY UNDER INCLINED
AND ECCENTRIC LOADS

Meyerhof (1953) has supgested the following relation
be used whenever sirip [doting loads are inclined and/or
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cccentric to the centroid of the faoting (see Fig. 14.18):

- 4 S
(B2 (1 ~ fﬁ'f) (1 = ;:-‘;) N,

2e\ oy .
I—=) |l == IO 14.13
* ( H)( ?ﬁ) ip i )
whete

O, = limiting value for the vertical com-
ponent of the ioad
N, and N, = bearing capacity [actors for vartical
Inading
¢ = the distance between the eentroid of
the base and the point of action of the
resultant force on the base
w = the angle of inclinatian of the resultant
faree with respect Lo the vertical

Meyerhol developed Eq, 14.13 partly on rough
theoretical grounds and partly on the: basis of fitting a
conservative envelope to experimental results, The
equation no doubl is quite conservative, Note that the
friction angle of the soil supporting the fooring, rather
than the friction 2ngle between the soil and the footing,
15 used 1o this equation,

Example 1411 illustrates the use of this equation.
Cemparing the results in Examples 14.9 and 14,11, we
sec that cansideration of inclination and eccentricity leads
1o @ large reduction in bearing capacity, Equation 14,13
should be vsed witl u safety factor of 3 or more. On this
basis the wall in Example 13.12 is still safe, since the
safely factor is 51.0/15.3 =13

For a rectangular footing E¢. 14.13 may be used by
including the correction factors appearing in Eq. 14.12,

Fig. 14.18  Feoting with ccceritric and inciined load.




212 PART NI DRY S0IL

provided that the eceentrieity s in the narrow direction
of the fooling. For the more general case of eccentric
loads on rectangular footings see Harr (1966).

» Example 14.11

Given. Retaining wall in Example 1312,

Find, Bearing capacity, cons/dering eccentricity and
inclination of force on base.

Sefurian, Eccentricity:

e =084t

Inelinationi: horizontal component of active thrust — passive
resistance = 4810 1b/lt

4910

len s = _15170

=0.32: o o= 18"

Eq. 14.13:

; 1.68Y 1842 1.6B%%
QI}'.= ([ —‘T)(l —-—E) }'Bd.!\r' + (l - '—7")
1832 1
® (‘ - i's) F B,
= (0,760)(0,640)(78,000) + (0.578)(0 235)(94,000)
= (38,000 + 13,000) = 51,000 |bflt of wall -«

14.8 SETTLEMENTS AS PREDICTED BY
FLASTIC THEORLES -

Figure [4.1% shows the magnitude of (he seltlement,
in ratio lo footing width, at which ultimate bearing
capacity was recorded in small-scaie footing tests, For
example, for a telative density of 0.7, the average settle-
ment al failure for a round foating s 109, of the dinmeter,
For a diameter ol 10 1, the seitlement would be 1 7t, 1f
the working load is cne-third of the ultimate bearing
capapily, i.e, a factor of salety of 3, the settlement at
the working load would be about 4 to 4113 o 4 in),
This amount of settlement would generally be unaceept-
able. Hence in foundalion design it usually is not
sufficient merely to determine the bearing capacity and
apply o salety factor. The settlement under the working
load must be determined and the foundation designed 1o
make this settiement less than the permissible value.

IT soil were elastic, homogeneous, and (sotropic there
would be no difficully in predicting the settlement that
would take place asa resuit of @ surface loading. For
such a simple situation there are formulas from the
theory ol elasticity giving the relationship between Joad
and seltlement. In actuality, however, it s very dfficult
to predict the magnitudes of settlements of footings an
real soils. Not only are actual soils nonhomogeneous
and nenisetropic, with the modulus generally increasing
with depth, but there is the added difficulty of evaluating
the fm sire stress-strain praperties.

Despite these camplications, however, elastic theory
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plays @ key role in settiement predictions, With judg-
ment, results from the theory of elasticity can bs used to
give uscful estimates of settlement. More important,
results fram the theory provide an understanding of the
settlement phenomenon, which then provides the basis
for establishing approximate methods for predicting
settlements for practical work.

Henee our discussion of predicting settlements begins
with the study of elastic theery. In this seclion we are
coneerned with coneepts and principles. The problem of
using these resulls in practice, and (he all important
qusstion of selecting a modulus for use in these results,
will be considered in Section 14.9.

Llastic Theory {or Setflement under a Uniform
Circular Load

Chapter 8 discussed the use of elastic theory to com-
pute the streéss increments developed within an elastic
body as a3 result of a uniform siress applied over a
circular area on the surface of an elastic material. An
example of the calculation of these stresses was given in
Example 8.8, Knowing these stresses, and using the
equations presented in Chapler 12, we car compute the
strains. For example, the stralns corresponding to
Example 8.9 are shown in Example 14.12, based upon
assumnzd valuesof Eand u.® -

By adding up the strains along any vertieal line the
settlement of the surface can be computed. In the case
of an clastic body with a simple surface loading, this

* The chaice of 15 discussed in Section 14.9. ji is taken a5 045
1o be consisiens with the stress distrinution clris given in Chapter 5.
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Civen, The tank Joading and subseil of Example 8.9,

E = 2000 kipsffi®

=045

Find.  The vertical and horizontal strains as & function of depth in the subsoil.

Solution. From Equation 12.5 we pet

1
€y = E(;‘Lq-, — 2uday)

and

1 .
1 4G = E[{l — @b, — pbog]

<y and ¢, versus depth are given in Example 8.9,
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ty and ¢, have been computed for every 121 ft from depth zero 1o 300 [t and plouted as
shown in Fig, E14.02. The significincs vl the averape strains will be discussed in Example

14,13

-

resilt can be obtalned by direct integration of the
equations for strain at-a pomnt:

1
F= f L d
]
p = seitlement

e, = vertical strain
z = depth measured from surface
Z = depth over which strains are 1o be summed

where

If the elastic body 1s of infinite depih, Z = o, the
surface settlement may be expressed as

PEQ%%& (14.14)

where

=

= radius of the loaded area

1. = an irfluence coefficient, which depends on
Ppisson’s ratin ¢ and the radius to the point
al which the settlement is being evaluated
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area (From Terzaghi, 1943)

Sigure 14,200 gives values af this influence coefficient
Notonly does the londed aren itsell settle downward, hut
points on the surface oulside of U lvaded area also
setlle. The settlement st the edge of the Ipaded area is
approximately 70% of that at the center line. A simple
expression can be wrillen [ur the seltlement at the center
line:
R "
p=Ag,— 2(1 — g) (14.15)
L
Strains et considerable depth, although smull, still
contribute 1o the seitlentent of the surface. This is shown
in Fig. 14.21, which indicates the error in the caleulated
settlement if strains below any depth are ignored. For
example, strains within a depth of 4R account [or only
about 75% of the:{otal sertlement,
Example 14.13 illustrates the application of Eq. 14.13
to the computation ol seltlement. The example Fu:&llcr

-

e e e

I

Influence eaefficients for settlement under uniform load over circular

shows that a reasonable estimate for the settlement can be
obtained by (a) delining the bulb of slresses as being 3R
deep, (b) finding the vertical strain at mid-depth of the
bulb, 3%/2, and (¢) multiplying this “average” strdin
times the depth of the bulb. This procedure is useful for
making approximate settiement estimates.

As may be seen in Example 1412, the relative impor-
tance of horizental and vertical strains changes markedly
with depth. At most depths, the change in horizontal
stress is small compared to the change in vertical stress,
as 18 true in the standard triaxial compression test. Thus
at most depths the horizontal strain is tensile and points
mave outward (see Fig. 14.2). On the other hand, at the
surface under the loadsd area the change in horizontal
stress approximalely equals the change in vertical stress,
45 in an isotropic compression test. Here the horizontal
strain is compressive, and poinis on the surface must
move folwrd the center line of the load. Qutside of the




e/ e

fROI0|- : \
12 1
14
16 T
13
20

Fig, 14.2]
of straine.

Effect upon [, of considering only & limited depth

> ‘E::;nmplu 14.13

Given. The tonk Joading and subsoil shown in Example
8.9

E = 2000 kips/f?
=045
Find, The settlemen) 2t the ceater of the tnk for the

candition of homogensous, isotropic seil of infinite depth,
Selution.

R
ol = ﬁq.f;?.{l — 18 Eq. 14.18

4Ag; = 5.50 kips/f®

D 153 N given m Example 59
. 453N
3 550 kipa/ft* : W21 —045Y
e 2000 Kips e

= 0346t = 4 1n.

Seutlement may be estimated by multiplying an averzge strain
times the depth of the bulk of stresses. The follwing
tabulation shows several ways fnowhich this might be done.

Assumed Depth Saitlement
of Bulb Average Strain (in.}
IR =130f Use stran gt depth of 30
AR2: e, = D.OOINDG
4R = 306G Use strain al depih of 2.8
2R: ¢ =0.00076

The first meihod, vsing o bulb of depth 3R, gives a closer
estimate 1o the aatunl result of 4 in. “
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loaded area the horizontal strains at the surface must be
tensile, and this can happen only il the horizantal stress
increments are tensile, Circular tension cracks are alten
observed around heavy loads resting on the surfuce of
grounds. This general pattern of horizontal sirains is
somewhat similar to that in a fixed-end beam carrying a
concentrated load et midspan.

Equation 14.14 may alse be used when the elustic body
is of limited depth. However, a different value of 7, must
be used. Figure 14.20 gives values of T, for two cases of
an clastic stratum of limited despth, As would be
expected, decreasing the depth of the elastuc body
decreases the sertlement. When the elpstic body is thin
in comparison o the dimensions of the load, points
cutside of the loaded area may heave instead of setiling,
Burmister (1956) has compiled charts and tables that are

especially uselul when dealing with settlements of strula
of limited thickness,

Elastie Theory lor Settlement under Other Uniform
Loads

The settlement at the corner of a rectangular area
carrying a uniform stress &g, may be calculated from

Bl — ,u=JJ,
] e *

p==A
L E

(14.16)
where

# = the width (least dimensian) of the rectangle
L = the lenpth (greatest dimension) of the rectanple
I, = aninfluence coeflicient given by Fig. 14.22

Settlements for points other than the corner of a rectan-
eular area, and for any shape of loaded arca that can be
divided into rectangles, can be obtained using the method
of superposition, as explamed in Chapter § in connection
with computing siresses (see Example 83) 1n particular,
the settlement at the center of & square loaded arey is

p=m,-,£1.wu — i) (14.17)

As LR heeomes very great (e, for a strip foating),
4, gradually increases beyond nll bounds. Thus a strip
footing resting on an clastic body of infinite depth wauld
experience an infinite settlement. In real problems, of
course, so0il strata are pot infinite in depth and strip
footings are not wnfinite in length. For a rectangular
loaded drea on an eiasfic stratum of thickness £ over-
Iying & rigid body, the approximate settlement ar the
corner of the area may be computed using Eq. 14 16 and

Fo= (1 —gB )+ (] — e —207)F,  (14.18)

where the functions Fy and F, may be read from Fig.

14.23. Burmicter (1956) also presents usefil chirts far
sucll prablems.
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Fig. 14,22  Influsnce coelTicient for seltienment of rcetangular
loaded arex (From Terzaghi, 1943

Solulions have also been obtained for many other
Lypes of loadmg conditions, mncludig loacing by shear
siresses:  Seolt (1963) gives a useful summinry.  With
compuier techniques, numercul vidues applicable to
specific cases can be obtaimed

Elnstic Theory for Settlement umler Rigid Footings

The condition of n uniformly distributed lond eccurs
in practical problems, such as steel Lanks lor the storape
of fluids.  In many practical problems, however, the
structurd] member (such as a footing)in contact with the
soil will be quite ngnd, and the settlement 1s more or less
uniferm over the area of cantiact hetween the footing and
the soil. Since a uniform siress causes o dish-shaped
puttern ol settlement, in order 1o produce a unilorm
seftlement the comiact stresses must inarcase on the
outside of the loaded area and decrease near the cenfer
ling, The curvesin Fig. 14.2d marked K, = o sliow Lhe
theoretical distribution of contaet stress Tor the casc of a
truly rigid foundation. At the edge of the loaded area
the contact slress theoretically is infinite,

A change in the distribution ol stress over the contact
nrea meansa change in the relationship between load and

settlement. For a cireular rigid leaded area this becomes

p=Ag, S (1 — (14.19)
E2

where 4g, = average stress over the loaded aren. 'Com=
parmg Fq. 1419 with Eq. [4.15, we see that the settle-
ment of a rlgid fooling is 21 %4 less than the center line
scttlement under 2 uniform load. Whitman and Richart
(1867) present load-settlement relationships for rigid
rectangular Twolings with varivus types of loading,

it same problems the structural member in contact
with the soil cannot be considered perfectly fienible or
peifectly rigid. Figure 14,24 can be used 10 estimate the
cantact strasses for intermediate conditions.

149 THEORETICAL PROCEDURES FOR USE
WITH SOI1LS

As was discussed in Chaptars 10 and 12, a mass af sail
does not behave as an elastic, homogeneous, and
isotropic materinl.  Nonelasticity influenées (4) the
distribution of slress increments caused by these loads,
nnd () the strains resulting from these steess increments
AL present there are no theoretical procedures that
consider both these difficulties, although such procedures
are under development. Fortunately, experience hns
slown that useful predictions of settlement can be made
by using the distribution, of stress increments predicted
by elastic thepry, but employing special procedures 10
determine the resulting strams.

Stress Path Method

As applied 1o estimating the settlements, the siress
patli method consists of the following Dwr steps:

1. Select one or more points within the soil under the
proposed siructure,

2. Estimate for each point the stress path [or Lhe
loading 1o be imposed by the struature,

3. Perlorm laboratory tests which [ollow the estimated
siress paths.

4, Use the straing measured in these tests Lo eslimate
the settlement of the propased struature.

This same general approach, which is-a powerful aid to
understanding and solving deformation and stability
problems, has already been used i Chapter 13,
Example 1414 illusteates the application of this
appronch 10 the tank foundation of Example 8.9. Stress
palhs far selected points have zlready been given in
Example 8.9, Figure 10.23 presents stress-sirain resulls
from triaxial tests following the stress paths for poinis A,
A, D, and 'G. The vertical and horizontal sirains as
mecusured in these tests have been plotted in Exampic
14.14. Integration of these strains over a depth of 300
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Fip. 1423 Chart for factors in Eq. 1418 (After Stenbrenner, 1934),

ft gives a center line settlement of 4} in. for the initial
loading and §in. for the second leading, There are
strains below a depth of 300t An estimate for Lhe
additional contribution of these desp-seated straing can
be oblamed rom Fig. 14.21.

Stress Path Method Based on Average Vaint

A simple, and usually adequate, form of the siress
path method involves use of a single “average point”

"k
| * ]
‘ Cirgle g per unit of ares

-

together with the concept of a bulh of siresses, Accord-
ing to the discussian in Section 14.8, the bulb may be
taker ax 3R deep with the average point at n depth of
IR(2. Ascan be seen in Example 8.9, the laboratory test
run for point D closely represents the conditions at the
average point under 1he tank. The vertical strains in this
test were 0.14 %) far the first loading and 0.027 % for the
second loading. Multplying these straing by 38 = 230 ft
Bives settlements of 3.0 and 0,75 in, respectively,
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Infinste strig, I
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Fig. 1429 Suress distributions under circular footings of varying rigidity

{After Borawicka, |936 and |038)




218 PART Il DRY SOIL

» Example 14,14

Gitner

The same tank Ioading and subsoil as in Examples 8.9, 14.12, and 14.13.

Find.  'The szttlement and distribution of subsoil strains by the stress path metlod.

Salnurion,
(Example £.9).

Triaxml tests are run along paihs A, &, D, and G;

A series of points (A to /) are szlected and stress paths for them are drawn

test resuhis are plotted in Fig. 10.23,

The vertical and Horizontal strains measured in the laboratory tests are plotted as shown

inFlg, E14.14.
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Fig. El4.14

The setilement under the center of the

strain-depth plot is:
Initial loading: pto =4l
Second louding: pb=1in

tank, found by the mechanical ntegration of

Use ol Stress Path Method 0 Determine Nodulus

An alternate procedure is to determine & value of £
from the stress path test for the average point, and then
to computeszitiement fram anequation suchas Eq. [4.15.
The procedure illusirated in Example 12.7 may be used to
determine the modulus £ [tom the stress path test, In
Lhie cuase ol test D, the change in herizontal stress is so
small (i.e., this test is so much like a standard triaxial
compression lest) that it sufiices Lo obtain £ by dividing
change in axal stress by change in axial strain. This
gives £ = 2000 kipsflt* for the first loadine and F =
7500 kips/f* fer the second loading. The setilement for
the first loading has already been compuled in Example
14.13 ns 4 in.; thesetlement corresponding to the second
leading is 1 1in

Discussion of Methods =

Figure [4.25 compares the strains a5 predicted by
elastic theory (Example 14,12} with those predicled by
the stress path method (Example 14.14). The stress path
method gives larger strains near ground surface bul gives
smzller strains at depth. This is because the stress path
method takes into account the increase in stiffness of the
s0il with dcprh. At shallow depths, the initial stress and
hence the stilfness are small and relatively large strains
cccur. Conversely, at greater depth the stiffness is
greater than the average stiffiness at point D, and henee
the strains at depth are smaller than those computed
from an average modulus. Figure 1425 shiows that the
predicted pattern of strain under the tanks agrees
penerally with thoss measured under a model footing.
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Each of the three methods involves approximations
gnd each has its advantages. The stress path method
involving severa| poims best accounts for the many
factors that affect the stifTness of soil, but must neglect
the strains below seme depth. The stress path method
with a single average point is very simple, but involves
several assumptions. The elastic method, using an
average modulus from an average poind, also invalves
doubtiul assumpluions, but is especially useful wien the
settlement must be known at many points ather than
justat the center line. Thechoice among Lhe methods will
depend upon the circumstances of each problem.

A major difficulty in making theoretical estimates of
settlements is oblaining representative samples of the
soil. Usually the process of sampling tends to decrease
the stiffness of the sample compared to the in sim
stilfpess, Seltlements eslimated inthe furegomg examples
fram the second leading (§ 10 1 in) are reasonahie in
view of the settlement aciually measured under similar
tanks in the same area, bul the estimaies based on the
first londing are unreasonnbly large. Considerable
evidence of (lus Lype suggests Lhai stress-strain data from
n secand loading should be used when estimating the
settiement ol struetures 1o be founded on sunds,

Insummary, any theoretical estimate of settiement is an
approximation Al the preseni time, the best estimules
can be obtaiped by the strese path method which (@) uses
clastic theories to estimate stresses, (7] oblains sirains or
moduli from tests that duplicite the initial stresses and

expecied stress increments, and (c) relies upon experience
ta indicate how best to compensatz for the effects of
sumple disturbance.

14.10 EMPIRICAL METHODS FOR PREDICTING
SETTLEMENT

Because of the difficulties with a strictly theoretical
approach, an engineer should always study the scttlement
expericnee of existing structures nearby.  Empirical
approuaches, based on a large number of case studies,
may alse be used to supplement theoretical analyses or
for erude preliminary estimates, The two most widely
used empirical, or semiempirical, methods are the load
test and the penetration fest,

Loud Test

In the load test the soil is subjected to a load increased
it stages with the settlement under sach increment of
load being measured. The measured load-settlement
data are then used to predict the behavior of the actual
faating. Although a full-size faoting ean he used for the
loudimg lest, the normal praclce is 1o employ a small
plate of the order of 1-3ft in diameter. The use of
larger test foolings is usually hmpractical because of the
expense and difficully in oblaiming large loads. The
results from the load test are then extrapolated from the
test footing Lo the prototype footing, .

100
I o e e e e e e
e ® [Jenze 1 A= L +. = =T
e Medm L panang single footings i ‘ | 1
o [rganic, | =57 ! | | | i
| 1 | | HE 1
i | | | | T
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Fip. 14.26 Comparison between sctilement and dimension

of logded area as derived from

colleeted case records (Fromy Bjerrum and Eggestad, 1963).
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A widely used relation between selilement on sands
dand fooling size is the empirical one developed by
Terzaghi and Peck (1967)-

Lo X _ (14.20)
a1+ DDF'DF
where

p = the settlement of the prototype

pg = the sertlement of the test footing

D = the smallest dimension of the prototype
0, = the smallest dimension of 1he test footing

Figure 1426 shows & plot prepared by Bjerrum and
Eggestad (1963) from 14 sets of load-settlement data

along with a plot of E¢, 14.20. This figure shows that the

settlement of Eq. 14.20 is approximately correct, but that
there is considerable scatter,

T get dependable results from a load test we must be
sure that the soil under the test plate is not disturhed,
and that the soil at the site is homogeneous for a depth
which is large relative to thie size of the actual footing
Figure 14.27, for example, shows a subsoil situation in
which the results of the load test may be very misleading.
The settiements under the test plate are due primaerily 1o
strains ocourring within seil A, whereas under the actyal

fooumng the settlements are due primarily fo strams

cceurring in soil A. [fso0iis 4 and B have different stress-
straln properties, the settiement predicled [rom the load
test can bear little resemblance 1o what will actualiy oceur
under the protolype footing,

Penetration Tests

Various penetration tests—standard penetmtion tesis,
Dutch deep sbunding tests, and a radio-lsotropic probe
(see Meigh and Nixon, 1961, for a comparison of these
penstration testsf—lrave been Used Lo predict Lhe settlzs-
ment of foundations onsand. The one most widely used,
espeeially in the United States, is the standard penetration
test described in Chapter 7.

Figure 14.28 gives the surface stress Ag, required to
cause o settlement of | in. fer a footing resting on sand

Test plate Actual fosting
| _p;gg A o

1| R
fii

N

pbopi

Fig, 14.27 Siwation where load test results can be mis-
leading,
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Fig. 1428 Setilemcnl of footing [rom standard penetration
resigtance N, (From Terzaghi and Peck, 1948),

as n Tunetion of the standard penetration resistance N
and the footing widih B, Another relation, proposed by
Meyerhof [1905), gives,

N

; {14.21)
ﬁu,‘—“ﬁ—p(—n+l] B>4n

12N &y

where Ag, is in tons{1*, Bin feet, and p in in. Figure
14.29 (Meyerhof, 1965) shows a camparison of predicred
and observed settlements [or feotings on sand &nd on
eravel. Tt shows that the predicied settlements for the
actual structure studied by Meyerhol are preater than the
observed onss, and that there does not appear to be any
significantly superior performance of either the standard
penetration or the static cone pehstration test.

1411 THE INFLUENCE OF FOOTING SIZE ON
REARING CAPACITY AND SETTLEMENT

The preceding sections have shown that the bearing
capacity gnd settlement of a footing resting on sand
depend on the propertics of the'sand and on the size,
shape, and embedment of the footing. Bearing capacity
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depends significantly on the friction angls ¢ and on the
relative density of the sand. The soil property which
most significantly influences the seltlement of a fouting is
the stress-strain modulus £ The rest of this section
considers primanily the Influence of footing size on bear-
ing capacity and seitlement, in an atlempt (o pull
together some of the many cancepts already presented
and to [eave the siudent with a simple, general picture of
the behavior of footings on sand.

The bearing capacity equations show that, for footings
on the surface of sand, the bearing capacily is directly
proportional to the size of the foating.  Further, the

» Example 14,15

Givsu. A round footing resting on sand with)
and 3 = 100 |51,
Find. The bearing capacily for

¢ =34)"

5]

. D m3fl d=10
0=730t,d=2M.
L=60td=0.

L B=6T,d =21

fLn o

Sofution,

(Agly = OB}y DN, + yd N, (14.11)

From Fig. 1416, N, = N, = 30.

a. (g}, = 0.6)1100)(A0) = 2.7 kips/ N
b (g = (B)(1(100}31030) + (100)(2)(30)
= 8.7 kips/f1?
o (Ag,)y = (D8 MI00)(6)(30) = 5.4 kips/nt®
d. (Ag.]y = Q) ID0N6M30) + (100)(2)30)
= 104 kipg/fi® -

bearing capacity goes up significantly as the depth of the
foating below the surface increases. The importance of
these two variables (foollng size and depth below the
surface) is illustrated in Example 14.15.

» Example 14.16

Givea. A dB-ft-bugh taok 1s buill on an infinite depusi{ of
sang with;:

¥ =129 pef
ji - D45

Find. The seitlement of the center of the tank when filled
with water for the lollowing conditions:

a. B =10010; Ecanstanl and equals 4000 kips/f?
b D =2000; Ecopstant and equals 4000 kips/Tt™,

o D =1001Tt E varies a3 o, and equals (o 4000 kips{h®
apd = T30,

d D =200, E varies as oy and equals 4000 kips/f® et
d =750 -

e. D=1001t; £ varics as Jﬂ'.,m and equals 4000 kipsjie?
atd =750

S = 2000t Evaries asyfo, and equals 4000 kips/Tt* at
d =751

“Solution,

13 .
P DGz 20 = 6 (14.15)

Ag, = 4801 x 624 Ib/11* = 3.0 kips/li®
(L —p?) = 2(1 — 0.45% = LEN

50 [V 1.60

@ po= ].U‘kip'&fﬁ:‘ x W

= 0600
10 = 100 = 1.60

b= 4000

= | 200t
e, Since E ¥aries &8s oy, and gy, varies as depth, I vanes as
depilt, Take “average point™ at depth = D
z:‘:u_l.' = gy = 4000 ]{ipﬁffﬁ

p for case ¢ same as for case ¢, .., p = 0.60 1.
. MNow Egpyy = Ejgg, and hence the modulus is twice as
large asin c. The radius R is alsg twice as largs.

(3.0)(100)(1.60)
i e

e. psameas plorcase a, be, p = 06041
(3.010100)(1.60) . (30301003 1.60)
{150 ¥y

12 % 4000
-
\'Jﬁx?x.ﬁ'ati’i <

fop=

= 0.85 ft
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Example 14.16 illustrates the influence of foundation
size and the nature of variation of the modulos £ with
depth on settlement. The modulus at a depth of 750t is
given, This is the “average point” for the 100-1t founda-
tion. Different rules are used 10 extrapolate the given

modulus to the average point for the larger foundation,
Assumine modulus £ is constant with depth, sertlement
is direstly proportional to foundation size. 1T the
modulus £ varies directly with the vertical confining
stress, the settlement is independeant of foundation size,

» Example 14.17

Given. A round, rigid footing resting on-sand with

o= 341°
» = 100 {b/f12
. | pe =045

b

Find. Relationship among D (varylng from 1 10 10.01), ¢, and (Ag,), for

a. E = 200 kips/it®,
b, E = 200 kips/ft® at depth 10 it and varving as o,
¢. E = 200 kips/ft? at depth 10 fr and varying us /7.

Solution.  Bearing capacity

(Agdy = (0.6)}»DN, (1411}
From Fig. 14.16,
N,= 130
(&g, = (LO}EI00) D30 = 0.9 & in kipsii?
Settlement:
R = i
,Dh-'l!flz.z— {1—;1’_! “4.19]
= 0.450 = (,_] (0.797) = 1.25
1.2% ,
o p=8g,R5s = AQR6.25 x 10-%)
b SR o Ky 417 % (67
: = St noaRg - CdtE T = 1079
A
(o - A JR-T" - Ir3 ¥) -2
P oo i R T B0 ROEL % 107

These equations pre used to compute the following resulis

Do=5MN O=101
{Ag. 4.5 Japs /[t 9.0 kipsffi®
a. pfor dg, = 3 = 1.0938 ft
pfor &g, = 1} 0.0235 f1 0.04689 ft
b pior Ag, =3 —_ 0125 It
plor &g, = 1} 0.063 11 0083 N
e plorag, =3 — a.109 1t
plor Ag, = 1} 0.038 It 0054 It

These results are plotied in Fig. El4.7
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1l the modulus E varies as the squarerant of the confining
stress—probably the best general relationship betwesn £
and confiming stress—the result is inlermediale,

Example 14.17 combines most of the variables of
Examples 14.15and [4.16 to show the reliationshipaniong
footing size, settlement, and bearing stress. As illustrated
in Fig. E14.17, the bearing capacity is dircctly related to
thie footing diameter and is equal to 0.9 of the diameter
of the footing. The lower part of Fig. EI4.17 shows the
settiements versus bearing stress plots for footings of
dinmeters of 5 and 10 ft for the three conditions of
modulus £, The situation shown i e 15 that which best
represents the general relationship between stress and
settizment lor Tootings on sand.

It should be emphasized that the settlement equations,
such as Eq. 14,14, hold only for bearing stresses which

are smiall relative Lo the bearing capacity, .g., factors of
safety of 3 or greater. As the bcaung stress appmaches
the bearing capacity, the settlements inerense in an un-
predictable fashion. This in portant fuct is accounted for
in Fig. E14.17 by showing the early portion of the stress-
settlement cusve as a soiid line and thar portion past the
factor of safely of 3 as a dashed line.

14.12 SUMMARY OF MAIN POINTS

. For a footing to be properly designed it must meet
two cenditions:

a, The bearing stress Og, must be less than the
hearing capacity (Aq,),, which is the bearing
slress that causes a shear failure within the
foundation ‘seil.

*
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b. The settlement must be less than the allowable
seitlement.

. As a footing is loaded 1o failure the foundation soil

first reaches local shear and then general thear.

. Loeal shear gecurs when the sirength of the soil in

a zone is reached and the zone becomes piastic.
General shear occurs when all the soil aleng a shp
surface is at failure.

. Ina loosesand, Jocal shear oecurs at a much lawer

bearing stress than does peneral shear. Ina dense
sand, local shear occcurs at a bearing stress only
slightly less than *Lha—rh which causes general
shear.

. Bearing capacity is seldam a controlling factor in

the desizn of footings on send other than small
footings—less than 3 [t—because the bearng
capacity is uwsuglly far in excess af the hearing
stress which causes the settlement to exceed the
allowable settlement.

. The allowable settlement is the maximum settle-

ment 4 structure can telerate and still perform
propetly.

1t is usually the differentinl veitlement or angular
disfartipn between two points which is more serlous
to the siructure than the total settlement. The
allowable sertlement is expressed as a funetion of
total sertlement rather than differential settlement
or distortion becausc:

a. The differential settlement is much mare diffi-
cult to predict than the tolal settlement.

b, There penerally exists an empirical relationship
betwesn differentinl settlement and maximum
settlement.

. Available for predicting setilement are two theo-

retical methods—elastic formulas und summiation
of strains—and two empirical -or semiempirical
methods—lead rest and peneiration iest. Theo-
reticnl methods should be used in conjunction with
empirical methods, since empirical methods reflect
field experience.

. Recommended for pradicting settlement is the

stress path meihed, either to help pick the modulus
£ Tor an elastic solution or to get measured stramn
for a direct summation of strains.

The inadequacy of methods for predicting settle-
ment are due to!

a. Difficulty 1n aktaining correct stresses in soil

b. Difficulty ih obtaining appropriate dn situ stress-
strain data from laboratory tests (trouble caused
primarily by sample disturbance),

c. Soil is not a lincarly-elastic, homogeneous, 1s0-
tropic material.

. Soil varies considerably both in herizontal and
vertical directions.,
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11. Bearing capacity and settlement of a footing on
sand are related both te soil properties and 1o
footing size and depth of cmbedment. Bearing
canacity increases sipnificantly with increased foot-
ing size and depth of embedment.  Seulement
increases somewhal with incredsing foating size.

PROBLEMS

1.0 A Tooling 8 1'suare bears a1 3 {1 depth in a sand

witha friction anple of 16" Find the bearing copucity and

the ultimole bearing E.ap:lcil‘v_ The sand wuigl;; 115 1—;:!'_
4.2 Thesoll profile at a given site s as Tollows:

04 ft ¢inders, with ¢ = 30" and 3 = S5 pcf
4-30 [t sandy gravel, wath ¢ = 38% and 3 = 120 pef
Find the bearing capacity for a 10 ft square footing benring

on top of the sandy aravel,
4.3 A load test was made on a square plate | fi by 1 on

-a dense sand having o unit weight of 115 1B/11%. The bearing

plare was enclosed in ¢ box surrounded by o surcharpe of the
same soil 10 deep. Fallure oceurred at o laad of 7000 b
What would be the Tailure |u;_ld per unil of jirea of 1he basz of &
footing 5 Tt square locited at the same depth in the same
material 7

I4.4  Assume that the footing in Problem 4.0 supports a
Iigh: bu:]ding frame which exgrs not anly # vertical load
but also & horizontal component H = 0151 and u maoment
M =05V (e, ecceniricity 0.5 f1), What is the allowahle
load Vil asafely factor of 3 18 used?

145 A foundation 30 [t by 100 [t rests upon a soil with an
averape £ of 10,000 psi, The average bearing stress is 6 1sf,
Calculate the seitlement ot the corners and center of the
foundation, Assume p = (0.3,

146 Repew Problem 14.5, assuming that the sand is only
25 It thick and is underiain by reck,

147 A standard lond st (1 1t square plate) on i dense

dry sand () = 120 pef) gives the following data:
Load [TSF) Senlerment (i)
0.7% 0.01
.50 a.0z
228 0.04
300 0.08
.75 0.25 {Tailure)

Another lead testis run on the same soil But with the [bllowmg
differences:
Width =51t

Length = 501
Pradict:
& The ultimate bearing capacity
b4 The settlement at o load of 2 sl

14.8 Using the daia of Problem 147, determine the
allowable bearing stress for a § [t square footing if the per-
missible seltlement (s 1 1n,
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14.9 A sand has an pverape blow count o 20 blows/f1.
Desipn a footing to carry & lood of 200 tons with a maximum
settlement of 24n. and a minimum safery factor of 3 against
shear Mailure

1,10 Thesoil at the site of Lhe tank in L-'x;lm'pic 14.12 has
o siandard penetration: resistance varying between 15 and
25 blows/ft. Prediet the tank settlement on the busis of (@)
Eq. t«.21: and th) Fig. 14.28,

1411 ©n the basis of Figs. 14.8 and 14.9 scleer the
maximuim allowable seitfement fora factory building ta hnusn
equIpment very sensitive (o dilferzntial setllement,

(4,12 A O-ft-wide strip [ooting rests 3 [t below the surface
ol sand having ¢ = 327 and » = 130 1b/[\", Cumpu:e.lhc
ultimate bearing capaclty from: (2) Eqs. 144 and [4.5: and
(6 Eq. 14.6 and Fig. 14.16. Which value is mare nearly
correet? Explain




CHAPTER 15

Dynamic Loading of Soil

If the loads applied to.a mass of soil change rapidly
enough so thal inertiz forces become significant in
‘wompanson to static forees, special caleulations become
nesessary in prder 10 estimate the deformation of the soil.
Typical problems of this type include machine founda-
tions, slope stahility during earthquakes, pile driving,
and vibratory compaction. This chapter introduces
some of the basic concepts from the important field of
soil dynamics.

The rate of leading at which a problem "'becomes
dynamic" depends very much upon the size of the mass
of soil involved. ‘With the typical specimen used [or
lahoratory tests, inertial forces generally do nat become
significant until the frequency of Ipading exceeds 25
eyeles per second (cps). On the other hand, a large earth
dam may experience significant inertial forces with fre-
quencies as low as 0.5 cps.

15.1 FOUNDATIONS SURJECTED TO
DYNAMIC LOADS

The most common problem involving dynamic loading
is that of foundations for machinery. Reciprocating
machines and poorly balanted rotating equipment cause
periedic dynamic forees O:

E Q = O, sin 2q/t (151)

whiere

0, = mazimum amplitude of dynamie force
f= operating [requency
1= time

Typical operating frequencies range fram 200 eycles/min
for large reciprocating air compressors to about 12,000
eyelesfmin far turhines and high-speed rotery compres-
sors. Punch presses and forging hammers also apply
intermittent, dynamic loads te foundations. A recent
problem is that of providing foundations for precision
tracking radars. The principles used to analyze the

response of foundations te such applied loads may also
be used toranalyzc the response of foundations to ground
motians, such as those imposed by earthguakes, blasting,
and-nearby machinery.

As in the case of foundations subjected ro static
loadings, the Dbosic criterion governing the design of
maching foundations 1s permissible motion. In genernd,
there is a preseribed limit for the dynemic motions 1o
be permitted during operation, and also a preseribed
limit upon the settlement that may develop during an
extznded period of aperation,

Usually it is necessary Lo perform a dynamic analysis
in order torassure that these eritzrin are mat. In order to
make stich an analysis, the muchine-Toundation-soil
gystem ean be represented by an equivalent lumped miss-
spring-dashpat system, which will vary fram problem 1o
problem (see Fig, 15.1) depending on the numbes ol
modes of motion which the actual system can experience.
This section, which is based upon Whitman and Richart
(1967), diseusses systems having a single degree of
‘reedons, usually vertical motion. Fora fuller discussion
of the problem, together with methods for handling
more complicuted Lypes of problems, the reader may
consult Barkan [1962). Field tests demanstrating the
validity of these methods are described by Richart and
Whitman (1967) and Whitman (1966).

Permissible Dvnamie Motions

A foundation subjected Lo a periodic dynamic load
will experience a dynamic motion p, at the same frequency
as the applied faree. The peak velocities and accelera-
tiong of the foundation may be expressed (n termsof the
maximi motion and frequency as follows:

(15.20)
(13.2b)

)&lr . 217{.‘-'.1
fa = (2mf ¥py

where dots indicale differentiation with respect 10 time,
To avoid damage to machines or machine loundations,
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ACTUAL FOUNDATIONS
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Fig. 15,1 Typicnl cquivalent lumped sytiems,

the moximum velooity of wibration should not exceed
Linfsee. However, il pegple are to work near the
equipment, even stricter requirements may be necessury.
Vibrations begin 1o be troublesome 1o persans when the
maximum velociy exceeds 0.1 infsec, and they are
noticeahle La persons if the velocity exceeds 0.01 0, fsec.
Al @ [frequency of 1000 cvelesimin, these veloeities
correspond to ampliludes of motion of 0.01, 0001, and
0.0001 In., respectively. At other frequencies of opera-
tion the permissible amplitude of motion will be different.
Note that the motion which may be noticed by persons is
approximately ; 4y of that which is likely to cause damage
to machines. Usually it is also necessary to impose a
limit on the maxmum acceleration that the foundations
may expericnce. In some problems, such as when 4
stable base must be provided for precision machinery or
calibration equipment, it may be necessary to restrict the
acceleration to less than 10— g.

The foundation engineer will find it necessary in all
problems to work closely with the client 1o astablish
design erileria suitable to the particular problem at hand.

Concepts from Basic Dyoumics

The respanse af a single degree of freedom mass-spring-
dashpuot system to a periodic applied load is given by the
response curves dn Fig 152, The key characteristic
determining the response of such a system is the une
damped vatural freguency [

L7 kydie
5 HE(E) (15.3)
where k is the spring constant and Af is Lhe mass,

Il the operating frequeney /{8 much less than the
undamped natural frequency £, then the applied force is
resisted primarily by the spring, and damping and inertia
are of little importance. The amplitude of motion in this
cast is simply the static response:

JT&l, = %‘ (15.4)
L1 far then the applied force is resisted primarily
by inertin and the spring and damping are of litte




=
AL
3 I

L0
flin
Fig. 15.2 Response of mass-spring-dashpot system.

importance, In this case the amplitude of motien is
giver by

_ %
(2=f M

1f f = f, then the system is said to be in resonance, The
motions at resonance are determimed by the damping
ratig D, the ratio of the actual damping to the critical
damping.

Design eriteriz for n dynamically loaded foundution
arz often written in such 4 way as to avoid resonance. If
the damping present in the system is small, the motions at

I3 Pu (15.5)

Analysis Factors Required
Approximate estimate lor resonant s
[requency fundde
Approximate estimate for :

: 7 & b
motions at [requencies il
well away from >/ M
resonance

Upper limit [or motion at c
frequencies near resonant 0 and k or M
frequency

Fig, 153 Summary of parameters required for dynamic
enalysis.

4

Ch. 15 Dynamic Laading of Saii 229

resonance may be very large, and it Is indeed prudent to
avoid the resonant condition in erder 1o meet 1he speci-
fications upon permissible dynumic motions. However,
if moderate to large damping is present in the system, it
may be possible (o operate near the resonant condition
and still keep the dynamic motions within permissible
limits,

Figiire 15.3 summarizes the way in which the various
parameters of & lumped system influence the response of
the system. The gpproach to dynamic analyses and to
design differs depending on the amount of dumping
present in the system. Henee the magnitude of damping
that may exist in actual foundations is considered first in
the following suhsections. When damping is so small
that resonance must be avoided, it becomes necessary to
estimate the natural frequency, which requires that the
spring constunt and the mass be known, Since it s
easier o make a4 resonable estimate for the mass, it is
censidered next. Finally the spring eonstant, which is at
the same time the most important and the most difficult
parameter for the enginger to evaluate, is discussed.

Choice of Damping for Equivalent Lumped Systems

The dashpots of a lumped system represent the damp-
ing of the soil. There tre two types of damping: loss of
energy Lhrough propagation of waves away from the
immediate vicinity of the foating, and the internal energy
lass within the soil owing to hysteretic and viscous
effects. The use of dashpots in the lumped system does
not negessarily imply that the engineer believes that soil
has viscous properties.  Ruther, dashpets are used in
order to derive simple and useful mathematical expres-
sions for the response of the lumped system. Damping
ritios are chesen 1o represent an gquivalent amount of
damping, and not to represent a particular type of
dammping

Tlie damping due to wave propagation is ofien termed
radiation dampmg. Each time that the foundation moves
downward against the soil, a siress wave is originated
(see Fig. 154). As this wave moves away from the
foundatiun it carries with it some of the snergy put into

Fig 154  Waves radialing away from vibrating foundation,
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Fig. 13.5  Equivalent damping ratio for circular bases.

the sail. Since this energy is then not available to
participate in 2 resonance phenomenon, a damping
effect is introduced. The existence of radiation damping
has been revealed by the theory for a rigid disk resting an
an elastic hall-space (Richart, 1960). This theory may
also be used to evaluate an equivalent value of damping
ratio. Figure 15.5 gives equivalent damping ratios for
the case of circular foundations. The key parameter is
the migss ratio b, defined as

b= ﬂa for translation {15.6a)
pi
and
= —:-"—5 for ratation {15.6b)
e

where

M = the mass

Iy =

of the foundation block plus
machinery '

the mass moment of nertit of the foundution
block plus machincr}r, evelualed about the
vertical axis through the center of gravity for
torsional mation, or about a herizontal axis
through the centroid of the botlom of the
faundation in the case of rocking

mass density of the sail

radius of the soil contact area at the lounda-
tion base

Nole that the damping ratios are different for each mode

ol motion.

Damping is most important for refatively



light foundations, and is much greater for trapslations
than for rotations, Values of D for rectangular founda-
tions may be estimated by entering Fig. 15.5 with an
equivalent radins piven by

()

for translation

Iyl
R= (ﬁ) for rocking  (15.7)
In
; 2 o
[BL Br +L ] for twisting
aT

where

"B = width of foundation :ﬁalnng axis of rolation lor
case of rocking)

L = lzngth of foundation (in plane of rotation for
case of rocking)

The internal Joss of energy due to hysteresis hasalready
been discussed in Chapier 10, The magnitude of this
energy loss is a function of the magnitude-of the strauns
experienced by the soil. For the level of strains usually
permitied under machine foundations, this hysteretic
energy loss is equivalent to a dumping relia Dol about
0.05,

Approximate values for the combined effects of radia-
ticn and internal damping can be obrained by adding
D = 0.05 to the vaJues of D given in Fig. [5.5. For
horizental trenslation and especially for vertical transla-
tion, internal damping appears to be relatively un-
important in comparison 1o radiation damping  For
rotational motions, however, the radiation damping is
small and the miernal damping then becomes a significant
part af the total damping.

Cholce of Muss for Equivalent Lumped System

Clearly, the mass for an eguivalent Jumped system
should at least include the mass of the foundation block
plus the mass of the machinery, At first glance it might
appear that an-additional mass term should also be used
10 represent the inertia of the soil underlying the founda-
tion block,

Actually, there is no such thing as.an identifiable mass
of soil whicl-moves with the same amplitude and in phase
with the foundation block. At any instent of time
various puints within the soil are moving in dillerent
directions with differant magnitudes of accelzration,
The use of an “effective mass” is justified only 1o the
extent that a mass larger than that of the foundation
block plus machinery is needed to make the response
curve of the lumped mass fit the respanse curve of the
actual system. 1f an “effective mass’ is used, it must be
regarded as a totally fctitious quantity which cannot be
meaningfully related to any actual mass of soil.

. The simplest assumption that can be made when
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chivosing the mass of the lumped system is simply to take
this mass equal 10 that af foundation and machinery and
ta ignoreany “eflective mass” of the soil. Moreover, for
mest foundation problems this simple ussumption will
give the resonant frequency and dynamic motion within
30% accuracy. Whitman and Richart (1967) provide
estimates for the “effective mass™ which may be used in
thase few cases where greater pceurney is justificd.

Evaluation of Spring Constant

The determination of & spring constant for use with a
dynamically loaded foundation involves essentially the
same steps as deterranation of the load-settlement
relationship for 2 statically loaded feundation, In each
case the Key is te subject & small mass of scil to the same
initial stresses and stress changes as will be experienced
under the actual foundation. [n the case of dynomically
loaded Toundations, this /means that the soll should be
subjected to an initial static stress equal to the stress
expected under the actual foundation as a result of the
dead load of the foundation plus geosiatic siresses, and
to stress chanaes approximately equal to those expected
as the result of the dynamic loading. The frequeney
with which the siress change is applied Lo the specimen is
relatively umimporiant,

The varibus methods described in Sections 148 to
14.10 may all be used for estimating 4 spring constant.
Themaost commonlyused approach 15 1o employ formulas
from the theory of elasticity. Formulas applicable to
rectangular foundations are given in Table 131 and
values of the coeflicients appearing in these formulas are
given in Fig. 15.6. The shear modulus & appearing in
thess equulions can be gvalualed by the methods
described in Chapter 12 This is most often done by
measuring the shear wave velocity, either in it or upon
laberatory samples using a resonant technique.  The

Table 151 Spring Constants for Rigid Rectangular
Base Resting on Elastic Half-Space

Motion Spring Constant Reference

Barkan
(1962)
Gorbunovs
Possadov
(1961)

G Gorbunov-
g8l Possadoy

(1961)

Vertical h, = - f(BLH
I —

Harizontal &,

A1 + WGRABLY™

Raocking Ny

It

1— g

Nate. Vaiues for f, £, and f, are given in Fig 156 for
various velues of L{B.
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Fig. 15.6  Spring constant coefficients for rectangular foundations.

Foisson's ratio p 10 be used in the equations can usually
be estmated wilh savslfactory accuraey a8 0.35 for soils
of low saturation and 0.5 fer fully saturated swils.
Another satisfactory approach is to perfarm a small plate
bearing test, using an jmitial dead load stress equal to that
expecled under the actual foundation plus a small
repeated live load stress. The force-szttlement ratio after
about 10 cycles of this loading pives (he spring constant
for the small lopded area. The nicthods deseribed in

cction 14.10 mus! then be used to extrapolate the spring
consiant to the actual size of the foundation.

It should be apparent that the engingar must exercise
considerable judgment in the selection of a spring
constant, so 2s to take into account the ellect of partial
ernbedment of the foundation, stratification in the sail,
=<

Settlement Caused by Vibrations

The dynamic stresses within the soil beneath o machine
feundation will eause settlement of the foundation, and
cxcessive settleinents must be aveided by proper design
As in the case of settlements resulling from a single static
load, vibratory induced settlements of foundations on
sand result partly from volume decrease but primarily
fram shear straiins.

The best approach for pradicting the magnitude of
vibratory-induced settlement in a given case is to subject
a sample of the soil to the initial stresses and dynamic
stress changes expected below the foundation. Permis-
sible selllements as @ resull of vibrations are essentially
the same as permissible static settiements as discussed in
Seetion 14.2.

In the absence of a detailed 1esting program, several
design principles may be used to minimize the likelihood

of excessive settlements. The sum of the static and
dynamic bearing stresses is often held to less than one-
half of the usual permissible static bearing stress.
Another approach is 1o subjeet the soil to vibrations
more intense than those (o be expected under the actual
foundation. Such vibratery compaction may be accom-
phshied by vibratory surface rollers (see Section 15.2),
Vibroflotation may also be used to compuct soil
(D’Appoionia, 1953). A typical requirement is that the
soil should be densified to greater than 70% relative
density

152 DENSIFICATION BY DYNAMIC LOADS

In many problems, such as the design of machine
foundations, the engineer must ensure that vibrations do
not cause significant densification of s0il. On the other
hand, vibrations are often used deliberately to densify
sail, as in vibratory compaction. Figure 15,7 shows a
vibratory roller compacting & sand fill.  Vibratory

Fig. 157 Vibralory compactor.




compaction, which has long been used to densify
granular sails, s now often used for compacting elayey
soils rs well. This section will be concerned primarily
with densification of sands,

Laboratory. Studies

Figurs 153.8 shows a form of test which has frequently
been used in the lahoratory to study densification of sand
by vibration. A container, open at the top, is filled with
sand in & loose condition. Sometimes & weight s placed
upon the surface of the sand. The container is subjectad
to vibratians for several minutes, and then the vibrations
are stopped while the depthiof the soil is measured and &
new unit weight computed. Then an incregsed leve! of
vibration is applied, and 50 on,

Figure 159, obtained when such a conteinar was
vibrated by a shaking table causing periodic vertical
motion, shows typical results of such tests: The sand
initially was at about rero relative density. Very lintle
densificetion occurred until the accelerations increased
nearly to g, and most of the densification oceurred when
tHe deceleration was at or about Tg. A peak density was
attained when the acceleration reached 2g, but further
mncrease 1m acceleration caused the sand to become Jess
dense. In this particular sand, several different combina-
tions of displacement and accelerstion were used Lo
achieve each acceleration, and, as shown in the figure,
the results were substantially independent of the
combinations employed.

Results of tests such as these have often heen taken to
imply that peak ascceleration is the primary variable
controlling densification (e.g, sez Barkan, 1962)
However, larpe aceelerations alone, in the absence af
significant changes in stress, may not ceuse densification
(Ortigosz and Whitman, 1968). On the ather hand, as
discussed in Chapter 10, increase in stress produces
relatively 1tle densification ‘of sand until the stresses
become ldrge enough 10 crush grains. Clearly xome
combination of events 15 producing the larpe observed
densification of sand during vibration.  The evenis during
the vibratery test may be established by considering the

Fig. 15.8 Common laboratory test for study of densification
of sand during vibration.
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Fig. 159 Typical resulls obtained during laberaiory study
of densification by vibrations. (From D'Appolonia and
D'Appaolonia, 1967).

dynamic equilibrium between Torces at various times
during a evele of motion (se2 Fig. 15.10).

When the container accelerates upward, the inertia
ferce acts 1o increase the stress wbove the siotic value.
When the table accelernics downward, the inertia Force
is opposed to the weight of the soil. Thus, if the peak
accelertiion of the container 15 U.3g, the vertical stress
atany depth within the soil fluetuates between 1.5 and
0.5 times the peostatic stress.

However, if the peak acceieration of the contwminer
exceeds 1p, then events during the teat are much morse
complicated (see Fig, 15.11), At the point in cach eycle
where the downward aceeleration of the container reaches
g, the vertical stress within the sell diops to zero:
Bince sand cannot sustain tension, the sand 15 unable 1o
follow the subsequent motien of the container and
experiences free fall untl 1t impacts against the container
latér in the eycle. Then the sand and containgr move
upward together until separztion once more occurs and
the cycle is repeated.

Column of height = and
unit cross-sectional 2rea

Weight
=¥y

4- Inertia foree = = a. in girection
I"“""— oppashie o 1He scceleraton
|

W

1T

Fig, 1510 Forces acting upon element of s0il during veriica)
vibrations.
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The occurrence of free fall is what distinguishes tests
with accelerations of ig or greater {(where considerable
densification eceurs) from those tests with aceelerations
of Jess than lg (where little densification oceurs). During
free fall, the particles become sepurated [rom one another
and hence are [ree to seek positions of aptimum packing
whep Lhey fall back against a fixed surface. 1n a similar
veni, it has been found that by sprinkling sand into a
container it is possible to achicve a umt weight as great
as that which can be achieved by wvibration (sez, eg.,
Whitman, Getzler, and Hoeg, 1963). Thus, although
the phenomena involved in vibratory densification are
still poorly understood, the absence of effective siress
during a part of each cyele of mation appears to be the
key to sllicient densification.

Vibrations are often ustd in tests to establish the
naxrmuny anit weight of a sand for purposes of studying
relative depsity (sex Section 3.1}, ‘From the forcgoing
discussion, it is evident that test conditions have a major
influence upon the maximum unit weight obtzined in a
test. In relative density determinations, it 15 essential
that standardized procedures be used to determing both
maximum and  miaimum wit weighl (see ASTAM,
1967).

Vibratory Compaction

I1 is generully acknowledged that granular sofls can he
effectively compacted i the field using vibratory rollers,
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Fig. 1511 Motions and stress during vertical vibration with
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1 n frem
t ta
rollert

-~ Stafic stress
- - Ieio stress

=
Et—
*
g “Free fall
Maximum downward
movemeant of roller
Impact )

Fig. 1512 Stress-time and acceleralion-time at depth of 1.5 ft
in sand beneath wibratory roller (From D'Appolonia et al.,
19568).

but there 1s a lack of [acts on the possibilities and limita-
tions of such compaction.  Onz study has begn made by
Forssblad (1963). The results given in this subsection are
fram D Appolopia et al. (1968).

The typical vibratory roller, such as that shown in Fig,
15.7, consists of a drum supported by heavy springs from
a frame. lnside the drum an eccentric weight retates
rapidly about the axle of the drum, producing a periodic
force against the drum, The drum itself typically weighs
about 2 tans, but the periodic force is several times
largerso thal the drum is raised free of the ground during
cach eyele and then slammed down against the pround
producing large impact stresses. Figure 15.12 shows
stresses and accelerations messured within sand beneath
a roller during | eyele of motion. The impact of the
roller against 1he pround and the subsequent rebound of

Dy unkt weight (ped)
93 100 105 1o
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Dapth [11)

12.5 hip roller
al Iz_?.ﬁ Cpe

/

Fig. 1513 Densification by vibratary roller (From D'Appolo-
mia et ak, [U68). .
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Fig. 15.14 Coniours of maximum vertical dynomic stress
beneath vibratory raller, psi (From D'Appolonia etal,, 1968)

the soil into a state of free fall may be dentilied 1n (Hese
records. Jumping of particles from the surface of the
sand is visible in Fig. 15.7.

The increase in unit weight with depth for various
numbers of passeés of the roller is shown (n-Fig. 15.13,
The most efficient compaction oceurs at & depth of about
2 fr, which, as 1s shown mn Fig. 1514, is the preatest
depth at which zero effective stregs aceurs during rehannd
of the soil. By a great number of passes, some densifico-
tion at a depth of 5 {t can be obtained, and this relatively
inefficient compaction presumably results from many
cycles of dynamic stress, The topmost 4 fi receives litle
compaction, probably because af the vinlent agitation
faccelerations ol mote than 3g were observed) in this
zone just after the cenler-line of the roller passed
(compsare with Fig. 15.8),

Aninteresing feature ol these field vbservations was
the large horizontal stresses built up as the resuli of
several successive passes of the roller (Fig. 15.15). The
resulting horizontal stresses exceeded the vertical
gedstatic stress,

It appears thal the action of viliratory rollers with
clays is quite different than with sands. Compaction of
clay probably is sccomplished by succéssive eycles of
impact-caused stress,

Densification During Earthquakes

Earthquakes cause vertical aceeleration of the surface
of the ground, but these accelerations are too small (a1
most ebout 0.3g) to causs densification. Earthguakes
zl50 cause horizental accelerations which, as indicated in
Fig. 15.16, give rise 1o shear stresses. The direction of

these shear stresses reverses many times dunmg 2 sirong.

earthquake g5 the direction of the acceleration reverses.
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Flg. 15.15 Increase in horizontal stress beneath vibratory
roller (From DYAppelonia of al., 1968),

Thus canditions i the pround diuring an earthguake are
similur tothese in a direct shear test with several reversals
of the direction of shearing.

Subsidence of the ground has oceurred during larze
carthquakes, Part of this subsidence is the result of
tectonic movement of the underlying rock, but purt
results fram dénsification of seil. In Valdivia, Chile, the
subsidence due to densification during the 1960 eurth-
quaks amounted to more than 1'm. Some, but probably
notall, ef the subsidence during earthquakes is associnted
with the phenomenon of liquefaction (see Seetion 22.10).

153 DYNAMIC S5TABILITY OF SLOPES

When a slope is subjeeted ro.an earthquake, the shear
stresses asgociuted with ground acceleration (Fig. 15.16)
will add to the shear stresses required for static equilib-
rium and may lead tatemporary instability of the slope.

The key features of this problem may be studied Ly
examining the problem of & Block resting an an inchned
plane (Fig. 15175 I the bleck is ta acceleraie in o
direction: parallel to the slope, the shear foree between
the block and the slope must differ from 7, the shear
[orce required for static equilibrium, Since the shear

Columm of heigh! = and
A utiit crose=sectional atea

Fig. 15,16 Forces acting on element of soil during horizontal
vibrations.
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Fig 1517 Relative movement between black nnd slape
during dynamic loading,

force is limited (it connot gxceed A lan &, where A s the
rorinal Toree-and o the friction anple), the aceeleration
the block can experience is limited:
muslmum upslope acceleration:
W .
—A'g = Weosliand — Wsinf

ar

A" =costand — sin ()

maximum downslape acceleration:

A' = casftan ¢ + sin 0
Il the maximum acceleration coellicient 4 of the slope is
less than A", then the block and the slope will move
together without relative displacement. Howaver, il
A" < A, then relative displacement will develop as shown
in Fig. 15.17¢. The block cannot keep up with the slope
as the sl.opc aceelerates uphi”, and hence relative down-
hill displacement occurs.  Durning dewnhili acceleration
the block and slopeare able Lo move logether since A" 15
greater in this case,
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Fig, 1518 Movement of sand «lojie during dvaamle joading.
(#) Schematic arrangement .0 sand bank fur shaking test,
{h) Acceleration and displacement of slope during shaking
test. Monterey no. 20 sand, 31 slope (From Goodman and
Seed, 1966).

A slope in sand, which behaves as an infinite slope
(Section 13.2), will experience movements very sumilar to
those of h block on a plane. Figure 1518 shows down-
hill relative displacement each time that the applisd
uphill accelzration excesds the acceleration correspond-
ing te maximum shear strenpth,  Test results such as
these confirm the correctness of Lhe theory for a material
of constant strength in which very littie strain is required
to mobilize this strength.

This method of analysis has been developed in detail
by Newmark (1965), who eutiines methods for predicting
maximum downhill movement during typical earthguake
ground metions. The methad can be applied in approxi-
mate fashion to slopes in materials other thun sand.
Application of the method will be discussed further in
Section 31 8.

154 SUMMARY OF MAIN POINTS

The main point to be understood fron this chapter is
the role of ingrtia in modilying the stresses and displace-
ments during dynamic leadings. This role has been
illustrated  for several relatively simple problems.
Methods vseful in certain practical problems have bezsn
presented, but the chapter has only introduced the
complex and increasingly imporlant subject of soll
dynamics,
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